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Opening Address 
 
It is with great pleasure that we edit this volume of Proceedings of the 
4th edition of DISS, the international workshop on Dynamic Interaction 
of Soil and Structure, held in Rome, Italy, on 12 and 13 November 
2015. 
The workshop results from an effective collaboration between the 
University of L’Aquila and the University of Rome “La Sapienza”, 
which have collaborated in the past editions to disseminate the culture 
of preservation of the historical heritage through a constant and atten-
tive analysis and monitoring of the dynamic structural properties of 
buildings and monuments, with due attention to the interaction with 
the underlying soil and the way it affects the construction’s response 
to vibrations of different nature, both anthropic and natural, such as 
earthquakes. 
This edition has been particularly interesting for the variety of the top-
ics and for the level of the presentations and papers. A central role has 
been played by the current studies on the Colosseum, but also other 
very stimulating researches have been presented. The workshop has 
been organized in five different sessions, each one dealing with fun-
damental topics, such as: Dynamic monitoring of the Colosseum, Dy-
namic interaction of soil and Colosseum, Safeguarding of the cultural 
heritage, Geotechnics, Geophysics, and finally Modeling, analysis and 
experimental techniques. 
With respect to the previous edition, also held in Rome, we proudly 
announce that we have doubled the number of papers and tripled the 
number of authors, who mainly came from Italy, but with significant 
contributions form Japan and Portugal. We will strive in the following 
editions to expand the DISS community by including other European 
countries and having scientists and researches involved from all over 
the world. 

 
Scientific Editors  
 Giorgio Monti and Gianfranco Valente 
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Wireless dynamic monitoring of the Colosseum in Rome 
 

Giorgio Monti1, Fabio Fumagalli1, Giuseppe Carlo Marano2,  

Giuseppe Quaranta1, Marco Sgroi3, Marcello Tommasi3,  

Rossella Rea4, Barbara Nazzaro4 

 

Abstract 

A key point for cultural heritage protection in many modern cities is 

to prevent damaging of historical monuments from urbanization dis-

turbances, such as road and subway traffic vibrations. A typical di-

lemma is whether to focus on the effects of short-term vibrations due to 

construction activities or on the consequences of long-term traffic-in-

duced vibrations. Both cases present practical difficulties in both mon-

itoring and data analysis procedures. Besides, specific standards do not 

provide indications neither on how to extract meaningful features from 

data, nor on how to identify proper strategic decisions for an effective 

maintenance of monuments. 

In this paper, an example of state-of-the-art monitoring system is pre-

sented with its application to the continuous trigger-free dynamic mon-

itoring of the Flavian Amphitheater, widely known as the Colosseum, 

in Rome. The installation of the monitoring system, composed of wire-

less accelerometers located on the top portion of the North façade of the 

Monument, has allowed to study all the features of recorded vibrations, 

beyond the usually considered peaks. The system architecture, the wire-

less protocol and the processing of the data are described in detail in 

this paper. A discussion on the data collected during a full year of mon-

itoring is presented, with focus on statistical representations of the dy-

namic response, such as fractiles of the peak accelerations, which are 

meaningful and synthetic indicators of the effects induced on the Mon-

ument by external actions of both natural and man-made nature.  

                                                 
1 Sapienza Università di Roma, Italy. 

2 Politecnico di Bari, Italy. 

3 So.Tel srl, Via dei Giovi 45, 00141, Roma, Italy. 

4 Soprintendenza Speciale per i Beni Archeologici, Roma, Italy. 
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1. Introduction 

 

Preservation of historical monuments in modern cities is often hin-

dered by human activities (e.g., constructions, road traffic, subways) 

occurring either internally or in their vicinity and inducing vibrations. 

Such vibrations, though not strong in intensity and, as such, not imme-

diately perceivable by people, are usually acting continuously, thus pro-

ducing a sort of slowly accumulating damage in the structures. Alt-

hough small-amplitude vibrations do not represent, in general, an im-

mediate hazard for the structures, over the years they can increase the 

structural vulnerability of damaged or deteriorated elements. For exam-

ple, repeated vibrations acting on old masonry structures may lead to 

deterioration of mortar, thus causing its strength reduction, with subse-

quent detachment of bricks/blocks (Figure 1). 

 

 
Figure 1. Detachment of bricks induced by long-term vibrations  

in the Colosseum in Rome 

 

In this case, to detect critical situations induced by persistent vibra-

tions it is essential to endow such monuments with monitoring devices 

that continuously record such vibrations, instead of making use of typ-

ical triggers that only allow to focus on peaks and maxima. 
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Also, vibrations induced by vehicles and trains may be dangerous 

especially for structures that withstood severe dynamic loads in the past, 

such as earthquakes. The excessive roughness of road pavements due 

to poor maintenance is another cause of dynamic stress in adjacent 

buildings. As the deployment of high-capacity/high-frequency public 

transportation systems increases, vibrations and dynamic stresses ap-

plied to heritage buildings are becoming a growing concern for the in-

stitutions managing historical buildings. Hence, these problems call for 

a comprehensive effort aimed at assessing the severity of ambient vi-

brations as well as their effects on heritage buildings.  

In this perspective, two approaches can be considered: one of numer-

ical and the other of experimental nature. The former makes use of a 

numerical model of the structure to evaluate the effects of ambient vi-

brations. This approach has the merit of allowing the analysis of differ-

ent loading scenarios, also accounting for their uncertainties. However, 

its effectiveness depends on the model assumptions. Among others, a 

critical issue is the lack of reliable theories and data on the effects of 

repeated vibrations on old masonry structures. Because of these diffi-

culties, the latter approach, based on experimental methods, may be re-

garded as a more attractive option. Experimental methods have the sig-

nificant advantage that they can be designed to provide direct infor-

mation about the potentially negative effects of ambient vibrations. In 

addition, they can support the calibration of numerical models. In this 

case, a critical issue, dealt in more detail in [1], is the selection of ap-

propriate threshold values that help assessing the severity of ambient 

vibrations on constructions. 

The use of experimental techniques based on dynamic structural 

monitoring should be privileged in historical buildings. Dynamic struc-

tural monitoring systems use networks of sensors to acquire measure-

ments of physical parameters and apply data management and pro-

cessing techniques. Traditional structural monitoring systems typically 

use wired networks to collect data from sensors, since they ensure high 

reliability and good immunity to noise and interferences. However, 

wired networks often imply high installation costs and limited flexibil-

ity in modifying the architecture of the system during operation. Fur-

thermore, wires usually do not comply with the aesthetic requirements 

of monuments that are open to tourists. Due to the above considerations, 
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the use of wireless sensors for dynamic structural monitoring systems 

is attracting increasing interest. Several projects have applied wireless 

sensors to dynamic monitoring of civil infrastructures [2] or, specifi-

cally, to historical buildings [3-6]. However, the transition from re-

search or pilot projects to broad deployment of industrial solutions is 

still far to come. 

This paper presents the project and some results for the dynamic 

structural monitoring of the Flavian Amphitheater (Rome, Italy), one of 

the most famous monuments of the ancient Roman Empire. Built be-

tween 72 and 80 AD, with further modifications between 81 and 96 AD, 

it took the name “Colosseum” during the Middle Ages. It is one of the 

most popular tourist attractions worldwide, with approximately 4 mil-

lion tourists every year. The care given by the “Soprintendenza speciale 

per il Colosseo, il Museo Nazionale Romano e l’Area Archeologica di 

Roma” to monitor the behavior of the monument also in order to quan-

tify the effects of long-term and short-term vibrations on the monument 

has become even more attentive since the construction of the third sub-

way line of the city, which will pass at a mere 20 m from the founda-

tions of the monument.  

The project uses S-SHM (So.Tel Structural Health Monitoring), the 

high performance dynamic structural monitoring system developed by 

So.Tel srl, based on a wireless network that ensures reliable and high 

data rate communication between sensor nodes and the network coor-

dinator that collects all sensor data. The network coordinator is directly 

connected to a server that makes the sensor data available to remote 

users through the Internet for visualization and offline analysis.  

The use of the wireless medium instead of wires enables:  

- optimization of installation costs, 

- great flexibility in the positioning of the sensors, 

- small impact on the aesthetics of the structure. 

An implementation of the system composed of accelerometer sen-

sors sampled at a frequency of 200 samples/s with a 12-bit resolution 

and the network coordinator has been deployed at the Colosseum.  

Another objective of the project, which is pursued on a long-term 

basis, consists in identifying limit values above which ambient vibra-

tions are likely to produce damage. These thresholds will be compared 

with those proposed in a previous study by some of the authors [1], in 
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guidelines and codes [7-13], and in other studies [14-21] that define 

criteria for the selection of vibration limits for heritage buildings.  

 

2. Dynamic Monitoring System  

 

The main components of S-SHM are:  

- a wireless network of sensors  

- a backend server that allows users to access the measurements 

remotely 

Figure 2 visualizes the system architecture.  

The wireless network is composed of a network coordinator and ter-

minals with sensors connected in a star topology. The communication 

between the network coordinator and the terminals is two-way: the net-

work coordinator sends the terminals periodic messages to manage the 

operation of the network, terminals send the network coordinator the 

sensor measurements.  

 
 

Figure 2. System Architecture 

 

The communication takes place over a wireless channel in the 433 

MHz band. If high signal degradation is detected due to interference 

from external devices transmitting over the same channel, the network 

adopts a “frequency agility” mechanism that automatically switches the 

communication to a channel in the same band with no interference.  

The network coordinator is connected through a RS232 serial link to 

a local PC, which runs a server program implemented using “BB4W” 

Terminals

RS232
Internet

Wireless Network

Network
Coordinator

Server

Remote 
Monitoring Tool

Online Data 
Repository
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BBC Basic language. The server receives the sensor data from the net-

work coordinator and forwards it over the Internet to an online data re-

pository accessible to the users.  

Users can monitor also the overall system operation remotely 

through a monitoring tool that receives from the server information 

such as the quality of the wireless connection and the battery level of 

the terminals. 

2.1 Communication Protocol 

Communication is based on a proprietary protocol, which uses a 

Time Division Multiple Access (TDMA) mechanism to assign nodes of 

the network the time slots in which they can transmit. Frame duration 

and number of slots are configurable parameters. In a typical configu-

ration, like the one used in the implementation deployed at the Colos-

seum, each frame has a duration of 250 ms and is divided in 32 slots. 

Two slots are allocated to the network coordinator, which transmits: 1) 

the ID of the transmission slots for all the terminals in the network as 

specified in the system configuration file, and 2) a synchronization mes-

sage. 

The use of a TDMA-based protocol allows the optimization of the 

channel allocation for transmission of large amounts of data. The trans-

mission of a synchronization message in every frame ensures that all 

the nodes of the network share a common time reference. 

Figure 3 visualizes the slots allocation for the network installed at 

the Colosseum, that includes four terminals with accelerometer sensors 

and a network coordinator. 

 

 
 

Figure 3. Slots Allocation 

 

2.2 Nodes of the network 

 

The main components of terminals deployed at the Colosseum are: 

…0 15 1 2 8 9 12 13 18 19………

Network 
Coordinator

Terminal 1 Terminal 2 Terminal 3 Terminal 4
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- a radio transceiver 

- an A/D converter  

- a signal conditioner  

- a 12V 55Ah rechargeable battery 

Each terminal is connected to a one-axis accelerometer (PCB Piezo-

tronics model 393B12 [21]). The signal conditioner provides the accel-

erometer with a stable input current. The A/D converter samples the 

analog output signal of the sensor at a frequency of 200 samples/s with 

a 12-bit resolution. Samples are transmitted at a rate of 50 samples per 

frame.  

The network coordinator is a device with a radio transceiver and an 

RS232 serial port, which forwards the sensor data to the server on PC. 

 

2.3 Server 

 

The server runs on a local PC connected to the network coordinator. 

The main functions of the server are: 

- sending the network coordinator the configuration of the wire-

less network parameters (such as transmission channel and time 

slots) specified in the system configuration file, 

- processing the sensor data samples received from the network 

coordinator, 

- forwarding the processed sensor data to an online repository, 

- sending information on the status of the network nodes and the 

battery level of the terminals to a remote monitoring tool, 

visualizing the signal waveforms through a user interface. 

Sensor data processing includes: 

- filtering to remove environmental disturbances, 

- application of the sensor calibration parameters. 

 

2.4 System setup and maintenance 

 

The system installed at the Colosseum includes four terminals with 

accelerometers that have been installed on the internal facade of the 

north side in a symmetric position with respect to the axis of the mon-

ument. Figure 4 visualizes the position of the sensors. Sensors S0, S1 

and S2 have a radial orientation with respect to the monument, sensor 
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S3 a vertical orientation. The network coordinator has been positioned 

in the south side of the Monument between first and second order. 

 

 
Figure 4. Position of sensors 

 

 
Figure 5. Plate with accelerometer sensor 

S0 S3 S2 S1
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Figure 6. Installation of a terminal in the terrace at the top order 

 

 
Figure 7. Network coordinator and PC running the server 
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A special plate with adjustable springs has been designed to fasten 

the sensors to the monument firmly without affecting its integrity. 

Plates have been placed inside the putlog holes in the wall. Figure 5 

shows the fixing plate with the accelerometer sensor. 

The rechargeable batteries are housed in cabinets on the floor, as 

shown in Figure 6. Due to the large number of samples being transmit-

ted, the power consumed by the terminals requires the replacement of 

the batteries approximately every two months. 

Figure 7 visualizes the network coordinator and the PC running the 

server, positioned in the south side of the Monument. 

 

3. Preliminary Results on an Annual Basis 

 
Figure 8. Monthly fractiles of order 99% (m/s2) 

 

Preliminary data analysis shows that any judgment on the Monument 

response and the associate thresholds cannot be based on the maxima 

only. As a matter of fact, appropriate fractiles of the maxima are shown 
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to be more meaningful from the statistical standpoint. In the following, 

some considerations are developed as to the distributions of fractiles of 

maxima during the year for each one of the four sensors. 

 
Figure 9. Monthly fractiles of order 99.9% (m/s2) 

 

The data recorded by each sensor have been processed offline using 

Matlab by extracting, with a 1-minute granularity, the values of the 

maximum accelerations. 

Maximum accelerations are better considered in terms of the frac-

tiles of their corresponding distributions. In this case, fractiles of order 

99% and 99.9% are sought, so to exclude accelerations occurring with 

less than 1% and 0.1% probability during the period considered. Of 

course, the acceleration increases as the fractile increases. This is a 

more consistent way to determine statistically meaningful maxima and 

to exclude absolute maxima, which may occur during an extremely 

short time and have small statistical significance. 
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Figures 8 and 9 show the 99% and 99.9% fractiles, respectively, of 

the maximum monthly accelerations. In this case, samples not consid-

ered by the 99% and 99.9% fractiles, respectively, are: 446 and 45 for 

the 31-day months (out of 44,600 samples); 432 and 43 for the 30-day 

months (out of 43,200 samples); 403 and 40 for February (out of 40,300 

samples). 

In general, it can be observed that the acceleration values of sensor 

S1 are smaller than the others: this may be due to the increased stability 

offered by the “Stern” buttress, which is tangent to the wall.  

In the average, sensor S2 shows higher peaks, thus highlighting a 

lesser contribution to the stiffness in the radial direction from the con-

straints offered by the 1800 construction by Canina with respect to the 

constraints provided by the buttresses by Stern and Valadier. 

Sensor S3 shows the vertical component, which is approximately 

50% of the radial component (except in February and March) in the 

99.9% fractiles, while it significantly increases in the 99% fractile, 

which denotes the lower deformation capability of the Monument in the 

vertical direction. 

A clear coupling emerges from records of sensors S1 and S2, while 

a stiffer behavior is observed at sensor S0. This could be a result of off-

vertical (tilting) displacements as shown in the table below. 

 
Table 

Sensor  S0 S1 S2 

Fornix L XLIV XXXVIII XXXIV 

Lev. 71 m +13 cm -58 cm -60 cm -64 cm 

Lev. 61 m +5,2 cm -61 cm -71 cm -75 cm 

Lev. 54 m +20,5 cm -26 cm -38 cm -35 cm 

 

It is noticed in fact, in the vicinity of sensor S0, a reversal of the 

existing eccentricity on the vertical wall, which would seem to affect 

the dynamic behavior of the wall itself. 

 

4. Conclusions 

 

This paper presented current efforts towards the installation of a 

comprehensive wireless sensor network for the long-term dynamic 
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monitoring of the Colosseum. In this initial phase, described in the pa-

per, a sub-network system consisting of four sensors has been installed 

on the northern façade of the Colosseum. 

Several aspects of the data collected by the sensors have been inves-

tigated, thanks to a detailed temporal and statistical analysis of the ac-

celeration values recorded. The joint analysis of the fractiles of the max-

ima will help getting an insight into the features of the response of the 

northern wall due to cars and subway traffic, thus allowing to establish 

a set of thresholds that can be used as a reference when other vibration 

sources will affect the monument in the future, such as the construction 

of the new subway line, passing at only 20 m from the foundation base-

ment. 

The system is being extended with four additional sensors that will 

be installed in the south/east/west side of the monument to gain insights 

on the overall behavior of the Monument before and during the passage 

of the Tunnel Boring Machine, but also, when the new line is com-

pleted, on the joint effects deriving from the vibrations transmitted by 

the two metro lines crossing under it. 

 

References 
 [1] Monti, G., Fumagalli, F., Marano, G.C., Quaranta, G., Rea, R., Nazzaro, B. 

(2013). Effects of ambient vibrations on heritage buildings: overview and wire-

less dynamic monitoring application. Proceedings of the 3rd International 

Workshop Dynamic Interaction of Soil and Structures - Dynamic interaction be-

tween Soil, Monuments and Built Environment (DISS 2013), Rome, Italy. 

 [2] Kim, S., Pakzad, S., Culler, D., Demmel, J., Fenves, G., Glaser, S., and Turon, 

M. (2007). Health Monitoring of Civil Infrastructures Using Wireless Sensor 

Networks, Proceedings of 6th International Conference on Information Pro-

cessing in Sensor Networks (IPSN '07), Cambridge, MA, ACM Press, 254-263. 

 [3] Bartelletti, R., Fiorentino, G., Lanzo, G., Lavorato, D., Marano, G. C., Monti, 

G., Nuti. C., Quaranta, G., Squeglia, N. (2016). Behavior of the Leaning Tower 

of Pisa: Analysis of Experimental Data from Structural Dynamic Monitoring. 

Applied Mechanics and Materials, Trans Tech Publications, v. 847, 445-453. 

 [4] Ceriotti, M., Picco, G.P., Murphy, A.L., Guna, S., Corrà, M., Pozzi, M., Zonta, 

D., and Zanon, P. (2009). Monitoring Heritage Buildings with Wireless Sensor 

Networks: The Torre Aquila Deployment, Proceedings of the 8th ACM/IEEE 

International Conference on Information Processing in Sensor Networks (IPSN 

- part of CPSWEEK), San Francisco (CA, USA). 

 [5] Wu, H., Zonta, D., Pozzi, M., Zanon, P., Corrà, M. (2010). Historic Buildings: 

Long Term Stability Evaluation Using Wireless Sensor Networks. Advanced 

Materials Research, v. 133-134, 235-240. 



24 G. Monti, F. Fumagalli, G.C. Marano, G. Quaranta, 

  M. Sgroi, M. Tommasi, R. Rea, B. Nazzaro 

 
 [6] Crispino, M., D’Apuzzo, M. (2001). Measurement and prediction of traffic-in-

duced vibrations in a heritage building, Journal of Sound and Vibration, Vol. 

246, pp. 319-335. 

 [7] ISO 4866, Mechanical vibration and shock - Vibration of buildings - Guidelines 

for the measurement of vibrations and evaluation of their effects on buildings. 

 [8] BS 7385-1, Evaluation and measurement for vibration in buildings - Part 1: 

Guide for measurement of vibrations and evaluation of their effects on buildings. 

 [9] DIN 4150-3, Structural vibration – Part 3: Effects of vibration on structures. 

 [10] SN 640312 a, Effet des ébranlements sur les constructions. 

 [11] UNI 9916, Criteri di misura e valutazione degli effetti delle vibrazioni sugli edi-

fici. 

 [12] Döller, A., Hondl, A., Proksch, E. (1977). The construction of the Vienna under-

ground railway and measures taken to protect St. Steven’s Cathedral, Technical 

translation by National Research Council Canada, Ottawa. 

 [13] California Department of Transportation (2004). Transportation- and Construc-

tion-Induced Vibration Guidance Manual.  

 [14] Konon, W., Schuring, J.R. (1985). Vibration criteria for historic buildings, Jour-

nal of Construction Engineering and Management, Vol. 111, 208-215. 

 [15] Whiffin, A.C., Leonard, D. R. (1971). A survey of traffic-induced vibrations, 

Report LR419, Department of Environment, Road Research Laboratory, 

Crowthorne, Berkshire, England, United Kingdom. 

 [16] Rainer, J. H. (1982). Effect of vibrations on historic buildings: An overview. 

National Research Council Canada, Reprinted from the Association for Preser-

vation Technology Bulletin, Vol. XIV, 2-10. 

 [17] Jia, Y.X., Liu, W.N., Liu, W.F., Zhang H.G. (2008). Study of vibration effects 

on historic buildings due to moving trains in Beijing, 9th International Sympo-

sium on Environmental Geotechnology and Global Sustainable Development, 

Hong Kong, 492-499. 

 [18] Ma, M., Markine, V., Liu, W., Yuan, Y., Zhang, F. (2011). Metro train-induced 

vibrations on historic buildings in Chengdu, China, Journal of Zhejiang Univer-

sity Science A, Vol. 12, 782-793. 

 [19] Netti, A., Fiore, A., Monaco, P., Marano, G.C. (2015). Investigation of traffic-

induced vibrations on a historic swing bridge in Italy. International Journal of 

Mechanics, 9, 53-60.  

 [20] Fiore, A., Marano, G.C., Monaco, P. (2014). Monitoring of traffic-induced vi-

brations on concrete bridges: A case study. Proceedings of the 7th International 

Conference of Bridge Maintenance, Safety and Management, IABMAS, 695-

702.  

 [21] Quaranta, G., Marano, G.C., Trentadue, F., Monti, G. (2014). Numerical study 

on the optimal sensor placement for historic swing bridge dynamic monitoring. 

Structure and Infrastructure Engineering, 10 (1), 57-68.  

 [22] PCB Piezotronics 393B12, http://www.pcb.com/products.aspx? m=393B12 

 



_______________________________ 

1 System and Data Research Co, Ltd., Tokyo, Japan. 

25 

 

 

Dynamic Characteristics of the Colosseum at  

the Pillar #40 Comparing the Results of  

Microtremor Measurement in 1998 and 2013 
 

Yutaka Nakamura1, Jun Saita1 and Tsutomu Sato1 

 

 

Abstract 
Our first extensive microtremor measurement at Colosseum was in 

1998, and we had an opportunity to measure again near the pillar #40 

in 2013 at almost the same point of the past measurement. Here, the 

results of the measurement in 1998 and 2013 at the pillar #40 can be 

compared. As a result, both spectral shapes basically agree well in 

wide frequency range. But with confirming the detail of the predomi-

nant frequency and the amplification factor, they slightly differ for 

each other. The result of measurement in 2013 shows that the peaks 

shift to a little higher for the radial direction and lower for the tangen-

tial direction, and the amplification factor becomes larger for each di-

rection. And the mode changing the phase for 180 degrees between 3F 

and 4F can be commonly observed in 1998 but not in 2013. There 

seems to be something structural difference between 3F and 4F, for 

example the affection of the 2009 L’Aquila earthquake or the work of 

the floors and the fences of 4F and 3F in 2010.  

If the degradation of the structure can be grasped quantitatively 

with periodic microtremor measurement, it is possible to maintain ra-

tionally and is not impossible to take a countermeasure as reinforce-

ment of maintenance prophylactically and properly. It is necessary for 

establishing the application method to confirm the accuracy of the mi-

crotremor measurement, and to make clear the reason of changing the 

dynamic characteristics at pillar #40 quantitatively. 
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1.  Introduction 
 

The Colosseum is a huge amphitheater which Roman Emperor 

Vespasian built to amuse common people on a reclaimed artificial 

lake at the garden of Nero’s Domus Aurea as if to wipe away the 

memory of nightmare caused by Nero a tyrant from common people 

[1, 2, 3]. Plane plan is ellipse with 188 m of long axis, 156 m of short 

axis and 49 m of height. Although there are different stories, it had 

been started construction during the early part of AC 70’s and com-

pleted at AC 80 of next Emperor Titus era. Because huge structure 

was built on a soft ground at a valley enclosed by hills on three sides, 

extremely hard foundation had been constructed. A discotic founda-

tion with more than 12 m of thickness had been constructed by two 

layers made with ancient concrete, or Roman concrete, and the shape 

is like a donut because of avoiding the area as a field. 

  Huge construction of Colosseum was built on this hard foundation, 

but as a result of keeping exposition of the natural or artificial action 

for a quite long time near 2000 years, it is suffered seriously damage 

although the extensive repair works was done repeatedly. However the 

foundation has remained, a half of outer upper structure had been lost 

by the 1354 and other earthquakes. Additionally some part had been 

moved away as a stone material for other structures at the Middle age. 

  At the survived area, the outer wall has still remained almost to the 

top, but the inner structure has remained almost to the second floor, 2F, 

and partially fourth floor, 4F, the top floor. Upper structure is support-

ed by pillars from ground floor, GF, to 2F in appearance, and there is 

wall over third floor, 3F. The each side of the survived structure was 

reinforced in early 19th century, and the eastern and western part is 

called Stern and Valadier from the name of conducting engineers to-

day, respectively. 

  In these recent days, the environment surrounding Colosseum has 

been changed largely and the affection of the vibration caused by so-

cial activity, so called traffic vibration has been concerned. Addition-

ally the subway Linea B constructed after the World War II, there are 

road and tram line passing the northern to the western side, and the 

new subway Linea C is recently under construction in the northern 

side [4]. Under this situation, a restoration project has been started by 
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a large sum of donation by a benefactor since 2013 [5]. The restora-

tion is seems to be not for changing the actual condition but for con-

solidation with reinforcing or protecting the degraded or weakened 

parts properly without changing the actual situation with the purpose 

for mainly cleaning. 

  Aside from the impact investigation of the vibration caused by the 

existing subway, a research group considers what kind of vibration 

will be caused by the new subway line construction and affect Colos-

seum, and how to decrease the influence. And they discuss about the 

vehicle as not only the iron wheel type but also rubber tire type or 

magnetic levitation type. A large scale FEM numerical model was 

constructed for this consideration [6]. Because the model requires ac-

curate physical parameters, results of past investigations on Colosse-

um are gathered and additional investigations are planned. 

  The first microtremor measurement on Colosseum was conducted 

by Clemente et al. in 1985, and also other measurements has been re-

ported [7, 8]. Among those measurements, our measurement in 1998 

is recognized as the systematic distribution of the largest number of 

measurement point. We have reanalyzed the data and kept conducting 

additional measurement for the ground around Colosseum in a chance 

of visiting Rome with the view of this situation. 

  And we could measure again partially not only at the surrounding 

ground but also at the underground area of the arena and the main 

body of Colosseum in 2013. These measurements give almost same 

result and there is no other result of measurement at precisely the 

same point with time distance. But in 2013 we could measure, likely 

as a measurement in 1998, at almost same points with almost same in-

struments in the same procedure as simultaneously measurement at 

two points, so we can consider the difference of microtremor charac-

teristics measured in a time span of 15 years. 

  This must be the first attempt to substantiate that this kind of meas-

urements can make clear the degree of degradation quantitatively by 

conducting the same kind of measurements in the future with clarify-

ing the measuring error, the statistical scatter or other parameters. 

  Our first measurement of Colosseum was on November, 1997. Af-

ter this preliminary measurement, we conducted the first extensive 

measurement on July, 1998. The results of these measurements have 
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been opened in some conferences [9, 10]. Here describes the result of 

comparison of microtremor characteristics at each layer measured on 

July 7, 1998 and on December 13, 2013 at the pillar #40 of the outer 

ring, with the numbering system of totally 80 pillars of the outer ring 

as counterclockwise rotation from the south pillar as Figure 4 of [11]. 

 

2.  Measured Points and the Procedure of Measurement and 

Analysis 

 

  Figure 1 shows the measured points in 1998 and 2013. Figure 2 

shows the location of the pillar #40 and the location of microtremor 

measurements in 2013 on the floor plan picture. And Photo 1 shows 

the situation of the measurement points in 1998 and 2013. Although 

both measurement were conducted almost at the same points, the loca-

tion of the point at GF differs for each other. The location was outside 

4F 
This point was measured in 2013, 

but no mention in this report 
3F 

2F 

GF 

2013 
GF 

1998 

1F 

Points 1F to 4F were measured 

in 2013 and 1998. 

Figure 1 Location of measurement points at pillar #40 of the Colosseum 

0 1  3   6m 

This figure is modified from a figure 

of pillar #40 of Colosseum from 

CROCI,G. and CERONE, M.(2002): 
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the pillar in 1998 and inside the pillar in 2013 because of the differ-

ence of the public area configuration.  

  In 2013, microtremor of three directions, tangential direction T, ra-

dial direction R and vertical direction V, was recorded in 1/100 sec-

onds of sampling time with a fixed instrument at the highest floor, 4F, 

and with a moving instrument at 4F, 3F, 2F, 1F or GF. This means 

that this measurement recording the data simultaneously at two points 

including the fixed point is devised to get a same result of simultane-

ous measurement at the entire point with same instruments. The 

measurement in 1998 was also conducted simultaneously at two 

points with three components, R, T and V, but the characteristics of 

the instrument were not complemented. 

  The measurement in 1998 recorded microtremor as a 40.96 seconds 

data, 4096 samples, repeating three times, and that in 2013 recorded 

microtremor as a five minutes data at each point, chose five sections 

of 40.96 seconds data, 4096 samples, and then averaged the five data 

sections with frequency analysis. Earthquake motion response charac-

teristics of each floor based on GF are derived for each measurement. 

 

 

Monument 

North 

0  10   20  30  40  

50m 

Pillar #40 

Figure 2 Measurement points in 2013 (small greens are measured in 1998) 
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4F  2013Dec. 

3F  2013Dec. 

2F  2013Dec. 

1F  2013Dec. 

GF  2013Dec. 1998July 

GF 

1998July 

1F 

1998July 

2F 

1998July 

3F 

1998July 

4F 

Photo 1 Measurement points at pillar #40 in 2013 and 1998 

Red circles: sensor location, Blue triangle: sensor location in 2013 
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  And 𝐾𝑏  value is derived from the earthquake motion response 

characteristics. This 𝐾𝑏 value is an index to indicate the vulnerability 

of the structures focusing the drift angle and is formulated as follows 

[10] (see Figure 3). 

  Assuming that the predominant 

frequency dominates and each floor 

vibrates as the vibration mode of the 

predominant frequency, then the re-

sponse displacement 𝛿i  of ith floor 

against the earthquake acceleration α 

from GF becomes as flows; 

 

𝛿i＝𝐴i𝛼/(2𝜋𝐹)2                   (1) 
 

 

  Here, 𝐴i  is the amplification factor of ith floor. Then, the drift an-

gle between ith and jth floors 𝛾j at jth floor becomes as follows; 

 

γj＝|Ai –  Aj|α/(2πF)2/Hj＝|Ai – Aj|/(4π2F2Hj) × α＝Kbj × α 

 (2) 

 

  Here, 𝐻j is the height of the pillar at jth floor, |*| is an absolute val-

ue of *, and j = i + 1. 

  The 𝐾𝑏𝑗 value can be considered as an index relating to the vulner-

ability of this pillar. With setting the unit of the drift angle to 10-6, a 

height of a pillar in m and acceleration in Gal (= cm/sec2) the 𝐾𝑏𝑗 val-

ue can be expressed as follows; 

 

Kbj＝104 × |Ai – Aj|/(4π2F2Hj)                         (3) 

 

  This is the 𝐾𝑏𝑗 value for the vulnerability of a structure. The pre-

dominant frequency and the amplification factor for each floor can be 

derived from the result of the microtremor measurement. Although the 

estimation based on the microtremor is only a result of the response at 

 

Mode shapes of 

structure 

 

図 3 建物のモード形状 

Figure 3 Mode shape of structure 
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a minute level and does not suppose a large deformation, it is consid-

ered to be able to order the measured points by the vulnerability. 

  As mentioned above, the 𝐾𝑏𝑗 value estimated from the result of the 

microtremor and the dimension of the structure is expected to order 

the structure with the vulnerability of each structure, the component or 

the floor, and to clarify the weak points. This paper calculates the 𝐾𝑏𝑗 

value for comparison of the measurement result at each time and loca-

tion. 

 

3.  Results of Analysis 

 

  Figure 4 shows the result of the comparison between the measure-

ment in 1998 and in 2013. The shape of the transfer function well 

agrees for each measurement at a wide frequency range for the three 

components. However noticing to the detail of the predominant fre-

quency and the amplification factor, they differ slightly for each other. 

Table 1 shows the predominant frequency and its amplification factor. 

It can be seen that the predominant frequency of the measurement in 

2013 shifts higher for R component and lower for T component than 

that of the measurement in 1998. The amplification factor of the 

measurement in 2013 becomes larger than that in 1998 for each direc-

tion. That of V component changes slightly large and the predominant 

frequency seems to shift higher. 

Table 1 Predominant frequency and its amplification factor 

2013 Height(m) Tangential Radial Vertical

Predom. Fre. (Hz) 2.661 1.733 13.330 between Height(m)

4F 37.5 16.7 23.9 7.3 4F and 3F 34.79 2.4 98.5 0.20

3F 32.08 16.3 17.5 6.5 3F and 2F 28.02 19.5 75.7 0.30

2F 23.96 11.9 10.3 4.8 2F and 1F 18.215 19.0 51.4 0.28

1F 12.47 5.8 3.2 2.5 1F and GF 6.235 13.8 15.2 0.18

GF 0.0 1.0 1.0 1.0

1998 Height(m) Tangential Radial Vertical

Predom. Fre. (Hz) 2.905 1.685 10.547 between Height(m)

4F 37.5 14.1 18.5 5.3 4F and 3F 34.79 8.1 71.3 0.16

3F 32.08 12.7 14.1 5.0 3F and 2F 28.02 12.5 61.9 0.26

2F 23.96 9.3 8.5 4.0 2F and 1F 18.215 12.2 42.8 0.35

1F 12.47 4.6 3.0 2.3 1F and GF 6.235 8.7 14.4 0.24

GF 0.0 1.0 1.0 1.0

Vertical

Tangential Radial Vertical

Table 1. Predominant Frequencies, its Amplification and Kb values for Column #40 of Colosseum

Kbi (m/Gal)

Kbi (m/Gal)

Amplification
against GF

Amplification
against GF

Tangential Radial
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  According to the structure of Colosseum, because especially the T 

component and the V component of the higher layer are the direction 

along the wall, it is estimated that the degradation of the structure is 

easy to be seen. Meanwhile, because the R component is perpendicu-

lar to the wall and affected by the bending, this component is seems to 

be sensitive for the local effect. On the other hand, because the sensor 

is set at a point on a floor for measurement, leaving from the wall 

makes sensitive against the vibration of the floor. Especially in case of 

the vertical motion, it is impossible to ignore the effect when the rigid-

ity of the floor is poor. However looking at the cross-section as shown 

in Figure 1, the rigidity of the floor close to a wall or a pillar is rather 

high because the floor is supported by an arch structure. So the vibra-

tion of the floor seems to have only a small impact. Although the GF 

point was set outer and inner side of the pillar #40 for each measure-

ment as described previously, both the dynamic characteristics with a 

distance of 2 m are basically not much difference because the points 

are on the hard ancient concrete foundation 12 m thick. We would like 

to verify precisely the effect caused by the difference of the measure-

ment point for the result of the analysis in the future. See Photo 1 to 

grasp the difference of the location in detail. 

  From the result of the measurement in 2013, the predominant fre-

quency of R component becomes higher than that in 1998 and that of 

T component becomes obviously lower than that in 1998. The obvious 

decreasing the predominant frequency of T component is feared to be 

a phenomenon relating to a structural problem, because the horizontal 

components seem to be little affected by the location of the measure-

ment point. 

  Figure 5 shows a vibration mode of the frequency maximizing the 

amplification factor at 4F. There can be seen a lot of other peaks on 

the transfer function. Especially for the vertical motion, the peak is at 

high frequency range and corresponding roughly to each measurement 

in 1998 and 2013, however it has a possibility to be not corresponding 

precisely. 

  The vibration mode at various frequencies is animated with sweep-

ing the frequency to understand precisely the vibration mode at the 

peak frequency. Please see this animation on our website [12].  
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  From the animated mode diagram shown in Figure 6, there are 

many modes changing the phase 180 degrees between 3F and 4F at R 

component increasing the predominant frequency for the measurement 

in 1998, however these modes are little seen for that in 2013 meas-

urement. It suggests that there must be some structural changes be-
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1998 
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2013 
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2013 

  Amplification Factor         Amplification Factor         Amplification Factor 

2.661 Hz 

2.905 Hz 

1.733 Hz 

1.685 Hz 

13.330 Hz 

10.547 Hz 

40T 40R 40V 

Figure 5 First modes for each component at pillar #40 

Figure 6 An Example of animated mode diagram from the animation 
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tween 3F and 4F during 1998 to 2013. During this period the 2009 

L'Aquila Earthquake M6.3 occurred at around 90 km in the northeast 

of Colosseum. It is estimated that Rome might experience the earth-

quake motion of Realtime Intensity RI 3, almost same as the JMA in-

tensity [13], corresponding to MMI 5, but there is no report on the se-

rious damage for Colosseum. 

  Table 1 also shows the Kb value of the structure derived from the 

predominant frequencies and their amplification factors. Figure 7 

shows the vertical distribution of derived Kb value. Comparing the Kb 

value at each component, R component shows predominantly large 

value and it suggests this component is weakened. The value for T 

component is around a fifth of that for R component. In response of 

the value for R component becoming lager for upper layer, that for T 

component is small at GF and 3F and large at 1F and 2F. The value 

for V component reaches maximum at 1F or 2F but the value is con-

siderably small. The distribution of the Kb value for T and V compo-

nents is thought to reflect the situation becoming less deformable by 

the wall structure over 3F. Almost all the component shows lager val-

ue for the measurement in 2013 against that in 1998. Despite the de-

creasing the predominant frequency, it becomes the largest for R 

component and the value corresponding to reaching 1 % of the story 

drift against the earthquake motion of 100 Gal at the wall of 3F. The 
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Figure 7 Kb value distribution for the first modes at pillar #40 
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value for T component of the measurement in 2013 becomes 1.4 times 

larger than that in 1998. It is startling that such a large change is oc-

curred at most 15 years. It is considered that the result of the analysis 

may include not only the measurement error but also the statistical er-

ror for the measured data. 

  As mentioned above, the change of the mode, the predominant fre-

quency, the amplification factor and the Kb value was unpredictably 

large between the measurement in 1998 and 2013. So we tried con-

firming a change on appearance around the measurement points based 

on the movies and pictures during the measurement. Photo 2 shows 

the situation around the point 4F both in 1998 and 2013.  

  At first focusing the floor setting the sensor, it is confirmed that 

there is an original travertine pavement at GF, a concrete pavement 

between 1F and 3F, and a mortar pavement with brick pieces at 4F. 

The pavement between 1F and 3F seems to be mainly casted before 

1998 with unknown thick. The floor contacts the wall at 3F and 4F. A 

concrete is casted with a distance 15 cm around the pillar at 1F and 

2F. Although there are mainly radial joints, there were concentric 

joints at 4F in 1998 as Photo 2. But in 2013, the concentric joints 

changed to radial joints. And the fences were also changed clearly be-

tween 1998 and 2013 at 4F. It is possible to confirm the concentric 

joints on the picture of Google Earth dated July 29, 2007, but the situ-

ation of the floor was clearly changed on November 10, 2011 from the 

background picture of Figure 2. And the shadow of the fence on the 

floor at that time suggests that it was same as the one at the time of the 

measurement in 2013. So it is possible to say that a work refurbishing 

the floor and the fences of 4F between July 29, 2007 and November 

10, 2011. Finally the subsequent investigation made clear that work 

for 3F and 4F conducted between March and November 2010 shown 

in Photo 3.  

  The pavement of the 4F floor in 1998 was separated mainly in three 

sections by two concentric joints to the fences. There are concentric 

joints on the pavement contacting the wall and it seems to be unified 

totally to the wall. 
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Comparison of measurement situation around Column #40 between in 

1998 and in 2013 

 

写真 2 4F測点周辺の状況：1998年と 2013年の比較 

2013Dec. 

2013Dec. 

1998July 

1998July 

Difference between 1998 and 2013:  
Fence, Joint and Floor 

Difference between 1998 and 2013: 
Fence, Joint and Floor 

Photo 2 Comparison of measurement situation around pillar #40 

between in 1998 and in 2013 

This photo taken at 2010-11-24 from web

2010-11-24

New Fence2010-03-20

Old Fence

Photo 3 Old and new fences appeared in photos 
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  On the other hand, the 4F floor in 2013 was separated with a dis-

tance 2 m to 3 m by radial joints from the wall to the fence. Although 

the strength of the floor pavement is unclear, assuming the floor 

pavement connected tightly by the joints, the 4F floor pavement in 

1998 and 2013 seems to have an effect to reinforce the tangential T 

component and the radial R component from the direction of the 

joints, respectively. It is agreeable that the predominant frequency of 

T direction becomes lower in 2013, that of R component becomes 

higher in 2013, and the phenomenon reversing the vibration mode of 

R component at 3F and 4F is confirmed in 1998 and not in 2013. The 

measurement points without GF locate at an area not opened to public 

and then there seems to be no degradation for the floor pavement 

caused by passing tourers, but the floor concrete at 1F and 2F shows 

degradation clearly as expanding opening with increasing cracks on 

the floor pavement or exfoliation and fracture of joints. However it is 

difficult to confirm the situation of the degradation clearly because of 

the dark image at 3F, a structural factor of the degradation may exist. 

Meanwhile, the fence itself and its location at 1F and 2F differ for the 

measurement in 1998 and 2013 as shown in Photo 1.  

  The changes above are impressive because of the relation to the 

change of the dynamic characteristics derived from microtremor. We 

would like to grasp quantitatively the relation to the change of the mi-

crotremor characteristics with confirming the description of work at 

4F and grasping the detailed structural characteristics. We expect that 

the microtremor measurement will be applied as a powerful tool for 

reasonable maintenance of the structure. 

 

4.  Conclusion 

 

  This paper considered the change of the dynamic characteristics of 

Colosseum with comparing the result of the microtremor measurement 

at the pillar #40 in 1998 and 2013. As a result, an unexpected large 

change was grasped for the predominant frequency and its amplifica-

tion. The factors for this change are considered as the effect of the 

2009 L'Aquila Earthquake, the effect of the work modifying the 4F 

floor and the fence, and additionally the factors on the measurement 

itself as the measuring or the statistical error. This comparison made 
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confirm specifically the possibility that the measured microtremor 

characteristics reflect the change of the structural characteristics, so it 

seems to be necessary to consider precisely making clear the impact 

rate of each factor as a future issue. 

  It is important for reinforcing the structure of Colosseum to grasp 

the stiffening effect quantitatively. So it is necessary to investigate be-

fore and after the reinforcement. Additionally it is possible to maintain 

the structure reasonably and not impossible to provide preventive and 

proper countermeasures for reinforcement or conservation, if the deg-

radation of the structure can be grasped quantitatively with a periodi-

cal microtremor measurement. It is necessary for establishing this uti-

lization method to confirm the accuracy of the microtremor investiga-

tion and also to explain quantitatively the reason changing the dynam-

ic characteristics of the pillar #40. 
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Attempts to Estimate the Physical Property of  

Surrounding Ground and Foundation Concrete of  

Colosseum using Microtremor 
 

Y. Nakamura1, J. Saita1, T. Sato1 and G. Valente2 

 

Abstract 
  Colosseum was constructed on a flat elliptic ring foundation with a 

hole at arena. This foundation consists of two layers made by roman 

concrete with 12 m thickness. SDR conducted microtremor measure-

ment at totally 71 points at ground floor and surrounding ground of 

Colosseum till December 15, 2013. This paper describes the attempt 

to estimate the physical property of the foundation concrete and sur-

rounding ground of Colosseum using past microtremor measurement 

data. Mainly with the vibration of radial direction, some impressive 

results was obtained such as that the distribution of the predominant 

frequency on the foundation corresponds to the distribution of clacks 

at the lower concrete foundation estimated by numerical analysis. And 

more, estimation of S wave propagation velocity of upper and lower 

concrete of Colosseum foundation was attempted, because a possibil-

ity of capturing the multiple reflection phenomena in Colosseum 

foundation from QTS devised to obtain SH wave multiple reflections. 

According to the comparison of the SH wave velocity estimated by 

the result of the measurement at northern ground of Colosseum, the 

estimation seems to give a certain value for the ground mentioned 

above. However the propagation velocity of the foundation has been 

not verified yet, we would like to confirm it in near future with direct 

measurement of them. This method is a simple and the measurement 

for this method is possible to conduct repeatedly and precisely. The 

authors will progress the validation of the estimation result with com-

paring to the other research one considering the estimation error and 

statistical scatter.  
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1.  Introduction 
 

  Colosseum, a huge amphitheater, was built by the Emperor Ves-

pasianus for the pleasure of the people filling the artificial lake at Do-

mus Aurea of Nero, the tyrant. The plane is elliptical shape with 188 

m in long, 156 m in short and 49 m in height. It has been built famous-

ly on the soft ground of a valley surrounded by hills on three sides. A 

solid foundation has been constructed by the ancient concrete with 12 

m thick to support huge Colosseum on the soft ground. This founda-

tion is separated to major two layers with 6 m thick for each and tun-

nels are constructed radially for north, south, east and west on the 

lower layer [1, 2]. 

  Colosseum has been exposed by various effects of surrounding en-

vironment as earthquake motions, traffic vibrations or exhaust gas for 

near 2000 years after its construction. Recently a detailed numerical 

model for FEM, Finite Element Method, is constructed to assess quan-

titatively the effect of the vibration after starting operation of new 

subway. Accurate physical data is required for the numerical model, 

so the results of various investigations including microtremor meas-

urements are gathered for the physical properties estimation of the 

foundation or surrounding ground.  

  The preliminary microtremor measurement in 1997 [3] and the ex-

tensive measurement in 1998 [4] conducted by SDR are valued as the 

detailed assessment of dynamic characteristics from their results of 

analysis [5]. Based on this situation, we reanalyzed the result of the 

prior measurements and conducted additional measurement by chance 

to contribute the physical properties estimation for FEM.  

  We conducted microtremor measurement at totally 71 points at 

ground floor (GF), hypogeum and surrounding ground of Colosseum 

till December 15, 2013. Most of the measurement points are on this 

foundation and some of them are on the underground level at the cen-

ter or the ground around Colosseum. These measurements were main-

ly simultaneous measurement to the upper structure, but the two 

points on the ground surface are basically measured independently. 

QTS (HVSR) is one of the analysis techniques for the individual 

measurement record. This is proposed by one of the authors to esti-
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mate the amplification characteristics of the earthquake motion by the 

multiple reflection in the surface layer [6, 7]. 

  Here reports on the attempt of the estimation for the physical prop-

erties or the dynamic characteristics of the surrounding ground and the 

foundation concrete using QTS based on the characteristics of the 

body wave in the measured microtremor. 

 

2.  Outline of the Ground and the Foundation of Colosseum 

 

  Figure 1 shows a geologic map around Colosseum [8]. According 

to this figure, the ground supporting Colosseum is rather stiff in the 

northern half. On the other hand, that of the southern half is on the 

comparatively soft soil deposit [8]. Figure 2 is a map to show the 

physical location of Domus Aurea, Golden House of Nero, three hills 

and the artificial lake on the present satellite image to indicate the re-

lationship between the past artificial lake and current Colosseum. It 

can be seen that Colosseum is enclosed in the artificial lake [9]. 

2: Alluvium, 4: Diluvium, 6: Tuff tawny, 7: Pyroclastic sediment,  
13: Palatino Pyroclastic sediment, 14: Paleo Tevere 

 

Figure 1 Geological Map around the Colosseum 
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Figure 2 Artificial lake on the present satellite image 

Artificial  

Lake 

and 

Colosseum 

 

The foundations 
1: lower, 
2: upper. 
 
The containing wall 
3a: exterior 
3b: interior 
3c: tunnels and movement rooms 

3a 

3b 

3c 

2 
1 

6 m 
6 m 

Figure 3 Foundation image of Colosseum 
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  The foundation was constructed strong enough to support huge 

Colosseum on the disposal weak site of the artificial lake. The founda-

tion is a donuts-shape flat elliptic with a hole for the arena and 

the thickness of that reaches 12 m. This foundation consists of two 

layers made by ancient concrete, upper 6m and lower 6 m. Figure 3 

shows outline of the Colosseum foundation and it shows that upper 

layer has four tunnels at north, south, east and west part, with facilities 

to operate the amphitheater in east and west tunnels, and then one tun-

nel, Commodus passage, was added in later at SSE side. 

 

3.  Distribution of the Measurement Points 

 

  Figures 4 and 5 show the totally 71 microtremor measurement 

points at the ground floor or surrounding ground. Measurement was 

conducted at every five pillars on the foundation as a general rule. 

Figure 4 Measurement points at Colosseum in 1997 and1998 

Monument 

North 
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  In case of the measurement in 1998, the numbering system of the 

measurement points is a combination of the pillar number 1 to 80 cor-

responding to the 80 pillars from south in clockwise shown in Figure 4 

and the ring number 1 to 4 from inside to outside as Figure 5. For ex-

ample, the point 5504 means the pillar number 55 and the ring number 

4. Each measurement recorded simultaneously the three direction data 

as tangential T, radial R and vertical V. 

  The details of the site condition of the measurement sites near the 

ground surface are as follows; 

 

 8 points thought to be on the surrounding ground (G2-G6, CG2, 

CG6 and CG7), 

 3 points near the border of the foundation (5504, G1 an CG1) 

 4 points certainly on the underground (B2, BGC, POD3C and 

POD2E) 

 7 points might to be on the edge of the lower foundation concrete 

(B7, BGN, BGS, BGE, BGW, POD1E and POD4W) 

 7 points certainly on the lower foundation concrete (B1, B3-B6, 

PODFE and 21UG) 

 Other 42 points on the upper foundation concrete. 

  

Figure 5 Measurement points in 2013 including in 1997 partially  

 

 Monument 
North 
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  These 71 points are considered using QTS, Quasi Transfer Spectra, 

which is also known as HVSR reflecting the characteristics of spectral 

ratio. Figure 4 shows the distribution of the measurement points of 

November 22, 1997 and July 6, 1998. And also Figure 5 shows the 

distribution of the measurement points of December 13 and 15, 2013, 

with some of the past measurement points for reference. 

  Microtremor was recorded in 100 Hz sampling. In case of the 

measurement in 1997 and 1998, stable 40.96 seconds data was meas-

ured repeatedly three times for each point. And in case of that in 2013, 

the measurement was conducted for five minutes and five 40.96 sec-

onds sections with low noise were clipped for each point. Fourier 

transform are applied for each 40.96 seconds data with smoothing by 

20 times of Hanning window corresponding to 0.2 Hz of bandwidth. 

Then QTS was derived and averaged for each point. 

 

4.  Reliable Range of Stability and Reliability of QTS 

 

  Measurement points with a few meters distance for the other meas-

urement time are listed below with local circumstances (see Photo 1). 

 

 G1 (1998) and CG1 (2013): Both points are on ground outside of 

the pillar #80 and around the border of the foundation. Distance is 

just a few meters but the pavement around the points differs for 

each other. 

 BGC (1998) and POD3C (2013): Both points are at near the under-

ground center of the arena There may be no difference between 

the measured time distances without vegetation. 

 BGE (1998) and POD1E (2013): Both points are at near the eastern 

end of the arena. Distance is 1-2 m but the status of setting the 

sensor differs for each other.  

 BGW (1998) and POD4W (2013): Both points are at near the west-

ern end of the arena with about 1 m distance and almost same sta-

tus of setting the sensor. 

 B7 (1997) and BGS (1998): Both points are almost same location 

at near the southern end of the arena. 
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 B4 (1997) and PODFE (2013): Both points are almost same status 

of setting sensor at the arena side end of the eastern hypogeum 

with a few meters distance. 

 4004 (1998) and 4014 (2013): Both points show almost same dy-

namic characteristics with 2-3 m distance between outside and in-

side of the outmost pillar #40. 

 8003 (1998) and CG3 (2013): Both points show slightly different 

dynamic characteristics with about 2 m distance at around the pil-

lar #80 near the south entrance. 

 
 

Photo 1  Situation of corresponding sites measured in 1997, 1998 

and 2013 (to be continued) 
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Photo 1(continued) Situation of corresponding sites measured in 

1997, 1998 and 2013 
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Figure 6 Comparison of QTS (HVSR) between 1997, 1998 and 2013 
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  Figure 6 shows QTS of these eight sets of the measurement points. 

Because these shapes of QTS are almost similar and there can be seen 

the independent characteristic for each site at the frequency range 

higher than 0.8 Hz, it is considered that the reliability is high in this 

range. Especially in case of the sets of the points in at the same place, 

QTS shows similar characteristics for each other with long time span 

even in the high frequency range that might be with large variation 

caused by human activities, so the information at the high frequency 

range of QTS have possibility to be applied for analysis of Colosseum. 

  Table 1 shows the predominant frequency and the amplification 

factor for each component at all the sites separately for upper and 

lower frequency range. Additionally this table shows the estimated S 

wave propagation velocity of the foundation described later. 

 

5.  Characteristics of QTS at Colosseum 

 

  QTS approximates the response characteristics against input earth-

quake motion from ground or basement of the structure, and the re-

sponse for the vibration system isolated in frequency can be appeared 

separately as illustrated schematically in Figure 7. 

  Figure 8 shows QTS corresponding to the measurement point to 

make the similarity of the sites nearby easier to grasp. The sites on the 

foundation and the arena ground are separated by the red line, and 

some adjacency sites are layered. And the site name and the direction 

Figure 7 Schematic illastration on QTS with peaks 
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QTS lower range > 0.8Hz higher range > 10Hz foundation h = 6m QTS lower range > 0.8Hz higher range > 10Hz foundation h = 6m

R or X F A Kg F A Kg Vs_upper Vs_lower T or Y F A Kg F A Kg Vs_upper Vs_lower
Hz μ/Gal Hz μ/Gal km/s km/s Hz μ/Gal Hz μ/Gal km/s km/s

B4r 1.15 1.82 2.9 32.3 1.30 0.1 774 B4t 1.12 1.54 2.1 20.3 1.03 0.1 488

B5r 1.27 2.32 4.2 19.7 2.06 0.2 472 B5t 1.20 2.10 3.7 18.9 1.56 0.1 455
B6r 1.42 1.80 2.3 36.9 1.26 0.0 885 B6t 0.95 1.54 2.5 49.7 1.11 0.0 1194
B3r 1.07 2.20 4.5 26.0 2.58 0.3 623 B3t 1.10 2.05 3.8 22.9 1.92 0.2 550
B1r 1.22 1.81 2.7 29.7 1.09 0.0 714 B1t 1.44 1.83 2.3 32.2 1.12 0.0 773
B7r 1.15 1.60 2.2 24.3 1.52 0.1 B7t 0.98 1.70 3.0 27.1 1.55 0.1

B2r=n 1.15 1.80 2.8 33.5 1.25 0.0 B2t=e 1.15 1.76 2.7 12.0 1.43 0.2
BGEn 0.88 2.23 5.7 41.4 2.54 0.2 BGEe 1.12 2.24 4.5 23.5 1.44 0.1
BGCn 1.34 1.97 2.9 10.3 1.39 0.2 BGCe 1.22 2.33 4.5 43.3 1.09 0.0
BGWn 0.81 1.75 3.8 33.3 0.79 0.0 BGWe 0.95 2.00 4.2 25.1 0.81 0.0
BGNn 0.90 3.20 11.4 25.4 1.48 0.1 BGNe 1.17 2.90 7.2 41.4 1.50 0.1
BGSn 1.17 1.67 2.4 19.0 1.65 0.1 BGSe 0.78 1.77 4.0 35.7 1.37 0.1

PODFEs 1.22 1.88 2.9 27.5 1.12 0.0 659 PODFEe 1.51 1.86 2.3 21.3 1.33 0.1 512
POD1Es 1.22 2.01 3.3 10.2 0.93 0.1 POD1Ee 1.61 1.80 2.0 32.4 1.45 0.1
POD2Es 1.54 1.31 1.1 11.5 1.12 0.1 POD2Ee 1.76 1.58 1.4 44.6 1.13 0.0
POD3Cs 0.78 1.60 3.3 10.5 1.50 0.2 POD3Ce 1.68 1.21 0.9 41.9 1.55 0.1
POD4Ws 1.25 2.20 3.9 45.9 1.00 0.0 POD4We 1.32 1.57 1.9 46.4 1.73 0.1

G1n 1.42 2.09 3.1 16.3 5.52 1.9 391 2157 G1e 1.37 2.30 3.9 17.7 1.95 0.2 425 830
G2n 1.17 2.26 4.4 49.7 1.69 0.1 G2e 1.12 2.39 5.1 49.7 2.00 0.1
G3n 1.05 1.50 2.1 29.8 1.50 0.1 G3e 1.42 2.20 3.4 11.2 1.82 0.3
G4n 1.34 2.80 5.8 11.7 1.78 0.3 G4e 1.44 3.23 7.2 13.9 1.71 0.2
G5n 2.25 2.69 3.2 16.9 1.60 0.2 G5e 2.54 2.69 2.9 22.1 2.19 0.2
G6n 1.25 2.48 5.0 37.4 2.04 0.1 G6e 1.22 2.19 3.9 45.9 2.84 0.2
CG1r 0.95 2.57 6.9 15.4 10.69 7.4 370 CG1t 2.10 3.79 6.8 27.8 6.05 1.3 666
CG2r 1.00 3.79 14.3 44.8 2.57 0.1 CG2t 1.66 1.93 2.2 41.9 2.44 0.1
CG3r 1.15 3.04 8.1 15.5 11.19 8.1 371 CG3t 1.25 2.65 5.6 25.9 6.41 1.6 621
CG4r 1.54 2.42 3.8 40.1 4.51 0.5 963 CG4t 1.27 3.06 7.4 47.0 4.82 0.5 1127
CG5r 1.54 2.06 2.8 23.1 1.71 0.1 555 951 CG5t 1.78 2.62 3.9 49.7 1.95 0.1 1194 2324
CG6r 2.08 1.90 1.7 16.3 2.08 0.3 CG6t 1.90 2.13 2.4 21.0 2.16 0.2
CG7r 1.12 2.20 4.3 12.5 3.21 0.8 CG7t 2.00 2.05 2.1 10.9 2.44 0.5
CG8r 1.39 2.13 3.3 48.9 4.99 0.5 1174 CG8t 1.39 2.47 4.4 40.9 5.53 0.7 982
CG9r 0.95 2.28 5.5 35.7 4.61 0.6 857 CG9t 1.07 2.41 5.4 38.4 2.81 0.2 922 2587
CG10r 1.10 2.51 5.7 33.2 10.11 3.1 797 CG10t 1.54 2.69 4.7 33.3 10.29 3.2 798
CG11r 1.61 2.08 2.7 31.2 1.83 0.1 749 1373 CG11t 1.68 2.27 3.0 33.0 2.89 0.3 791 2284
CG12r 1.51 1.94 2.5 30.4 2.96 0.3 730 2162 CG12t 1.93 2.21 2.5 33.7 3.03 0.3 809 2446
4014n 1.27 2.33 4.3 20.1 2.16 0.2 482 1041 4014e 1.25 2.43 4.8 30.0 1.71 0.1 720 1231
21Gs 1.20 3.08 8.0 22.9 1.75 0.1 548 960 21Ge 1.20 2.87 6.9 22.9 3.68 0.6 549 2023

21UGs 1.20 2.46 5.1 30.4 1.86 0.1 729 21UGe 1.20 2.63 5.8 38.6 2.00 0.1 928
2502r 1.46 1.58 1.7 19.7 1.92 0.2 472 908 2502t 1.49 1.92 2.5 26.3 2.35 0.2 632 1487
3002r 1.39 1.76 2.2 37.7 1.75 0.1 905 1588 3002t 1.34 2.11 3.3 22.9 2.94 0.4 548 1611
3502r 1.05 1.64 2.6 24.1 1.71 0.1 578 987 3502t 1.17 1.96 3.3 29.4 2.47 0.2 707 1745
4002qr 1.03 1.94 3.7 40.4 1.76 0.1 970 1706 4002qt 1.05 1.89 3.4 23.9 2.37 0.2 572 1358
4502r 1.12 2.17 4.2 45.4 2.03 0.1 1089 2208 4502t 1.03 1.97 3.8 38.5 1.26 0.0 924 1169
5002r 1.05 2.32 5.1 46.7 1.47 0.0 1121 1647 5002t 0.95 1.94 4.0 43.6 2.86 0.2 1046 2994
5502r 0.98 1.81 3.4 36.5 1.81 0.1 876 1589 5502t 0.98 1.87 3.6 37.7 2.45 0.2 904 2212
GF2r 1.15 1.84 2.9 19.6 2.46 0.3 471 1158 GF2t 1.12 1.93 3.3 19.6 3.68 0.7 471 1732

0603qr 1.46 1.99 2.7 28.3 4.68 0.8 679 3173 0603qt 1.20 1.94 3.1 24.7 3.36 0.5 594 1996
1003r 1.22 2.19 3.9 21.1 2.71 0.3 507 1375 1003t 1.05 1.92 3.5 19.6 1.92 0.2 469 900
1503r 1.44 1.99 2.7 17.4 1.66 0.2 418 693 1503t 1.81 1.58 1.4 17.6 1.17 0.1 421 491
2003r 1.20 1.61 2.2 18.6 1.70 0.2 445 755 2003t 1.46 1.77 2.1 20.5 1.05 0.1 492 517
2503r 1.15 1.89 3.1 36.4 1.79 0.1 874 1567 2503t 1.15 2.77 6.7 36.4 2.07 0.1 874 1811
3003r 1.00 1.65 2.7 20.1 1.68 0.1 482 807 3003t 1.37 2.19 3.5 21.9 2.57 0.3 527 1355
3503r 1.17 1.25 1.3 20.4 1.43 0.1 489 698 3503t 1.25 1.78 2.6 12.5 1.06 0.1 300 318
4003r 1.05 1.64 2.6 25.2 1.84 0.1 606 1117 4003t 1.81 2.11 2.5 23.6 3.56 0.5 567 2017
4503r 1.05 1.93 3.6 49.7 2.77 0.2 1194 3301 4503t 1.15 1.55 2.1 34.0 1.76 0.1 816 1434
5003r 1.29 2.06 3.3 23.9 2.53 0.3 574 1450 5003t 1.76 1.91 2.1 48.1 2.82 0.2 1155 3254
5503r 1.00 2.58 6.6 14.9 1.33 0.1 357 477 5503t 1.56 1.98 2.5 48.2 1.36 0.0 1156 1569
GF1r 1.07 2.06 3.9 14.1 2.02 0.3 339 684 GF1t 1.15 1.88 3.1 32.3 1.85 0.1 774 1432
6503r 1.17 1.78 2.7 20.6 1.25 0.1 495 620 6503t 1.15 2.34 4.8 15.9 1.48 0.1 383 566
7003r 1.49 1.78 2.1 16.8 1.49 0.1 404 601 7003t 1.46 2.52 4.3 41.4 1.81 0.1 993 1796
7503r 1.49 1.96 2.6 37.0 1.70 0.1 888 1512 7503t 1.46 2.26 3.5 27.2 2.26 0.2 653 1476
8003r 0.78 2.60 8.7 32.3 4.45 0.6 774 3445 8003t 0.78 2.50 8.0 27.6 2.64 0.3 663 1751
2504r 1.22 1.83 2.7 25.1 2.24 0.2 602 1345 2504t 1.73 2.21 2.8 24.3 1.93 0.2 584 1127
3004r 0.95 1.72 3.1 28.1 2.36 0.2 673 1587 3004t 1.17 2.27 4.4 32.2 2.50 0.2 772 1926
3504r 1.12 1.69 2.5 30.3 1.89 0.1 727 1374 3504t 1.12 1.95 3.4 32.7 1.46 0.1 784 1142
4004r 1.10 2.07 3.9 27.5 2.89 0.3 661 1912 4004t 0.88 2.04 4.7 28.2 2.03 0.1 677 1371
4504r 1.03 1.75 3.0 30.2 1.79 0.1 725 1301 4504t 1.81 1.72 1.6 29.6 1.69 0.1 710 1197
5004r 0.95 1.75 3.2 19.8 1.82 0.2 475 865 5004t 0.98 1.95 3.9 26.0 1.64 0.1 625 1025
5504r 1.12 1.23 1.3 20.0 1.02 0.1 480 491 5504t 1.00 1.50 2.2 22.4 1.05 0.0 537 565
5904r 1.00 1.83 3.3 33.1 1.46 0.1 793 1159 5904t 1.05 1.94 3.6 33.3 1.98 0.1 800 1582
6004r 0.88 1.75 3.5 33.3 1.60 0.1 800 1283 6004t 1.39 2.02 2.9 20.0 1.15 0.1 481 555

Table 1  Predominant frequency, amplification factor and other indices derived 

from QTS on and around the foundation of Colosseum 
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(r and t or n and e) are specified for all the diagram of QTS. The direc-

tions n and e correspond to the monument north and east component, 

respectively. 

  QTS has a peak at around 1-2 Hz and a trough around 3 Hz on Fig-

ure 8. In case of a point on the foundation, there is an additional peak 

at tens Hz of a frequency range, and there is sometimes a trough. A 

peak and a trough at low frequency range of QTS at the measurement 

points on the ground seem to correspond to the predominant frequency 

of the ground. And these at low frequency range of QTS at the meas-

urement points on the foundation are estimated corresponding to the 

coupling predominant frequency of the horizontal and vertical motion 

of the foundation and the ground supporting it, respectively. These at 

high frequency range are considered corresponding to resonance for 

the horizontal and vertical motion of the foundation concrete, respec-

tively, and it is expected to be able to estimate the wave propagation 

velocity in the upper and lower foundation concrete additionally using 

their amplification factors. 

  Table 1 lists the peak frequency and the amplification factor at the 

low frequency range of QTS. This table also includes the peak fre-

quency and the amplification factor at high frequency range estimated 

as the S wave multiple reflections in the foundation concrete, and in-

dicates S wave propagation velocity estimated from those values. The 

later discussion will be progressed based on the peak frequency and 

the amplification factor at high and low frequency range of QTS tar-

geting a range over 0.8 Hz with high reliability. 

  Measured horizontal component of microtremor was radial direc-

tion and circumferential direction but mainly the radial direction is 

applied for the following consideration because the circumferential di-

rection seems to be affected by the shape of the structure, for example 

the upper foundation concrete is separated by four blocks, north, 

south, east and west blocks. 

  Figure 9 shows the predominant frequency, and the amplification 

factor at the frequency range of 1 Hz to 2 Hz, and Kg value (=A2/F) [6, 

7] derived from the indexes above, corresponding to the pillar number 

for each ring. Figure 10 shows the predominant frequency as a size of 

bubble on the measured location. A tendency can be roughly grasped  
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from these figures. That is, the predominant frequency is around 1.1 

Hz and about 1.4 Hz at north and south side, respectively. The border 

is shown as green bold line on Figure 10 and it is impressive that this 

border seems to correspond to the location of the main estimated crack 

(see Figure 11) or the northern border of southern deposit layer (see 

Figure 1). 

 

6.  Consideration on Derived Kg Value 

 

  Kg value is originally an index to estimate roughly the shear strain 

on the ground surface caused by earthquake motion with multiplying 

the acceleration value at the base ground [6, 7]. However, from the 

definition of Kg value, Kg=A2/F, it is found that multiplying square of 

the acceleration at the base ground will correspond to multiplying a 

response acceleration by a response velocity. This is to say that Kg 

value becomes also an index to show the power of the result of re-

sponse. It may be the reason why Kg value correlates well with dam-

age of structures on the ground. 
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Figure 10 Distribution of lower predominant frequencies 

Figure 11 Crack estimation by FEM anarysis 
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  Figure 12 shows the distribution of Kg value of all the measure-

ment points corresponding to the measured location and the size of 

bubble indicates the value of Kg value. Kg values are almost less than 

5 and do not exceed 10 for all the points on the foundation. On the 

whole, large Kg value is observed at the points on the ground and also 

relative large Kg value is observed even at the points on the founda-

tion around hypogeum at east side or southern side. The largest earth-

quake motion attacked Rome is considered as about 200 Gal of maxi-

mum acceleration or MMI VIII, and it will cause almost no ground 

deformation except on the ground in the southern side. 

 

7.  Physical Property Estimation of the Ground under the Foun-

dation 

 

7.1 Theory and the result 
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Figure 12 Distribution of Kg-value 
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  Estimating the physical property of the ground based on QTS, it is 

necessary for the ground under the foundation to take account that the 

ground motion in certain area must be averaged by the foundation 

seemed to be rigid at least for the horizontal component. Here a sim-

ple formula is derived to estimate a predominant frequency of a vibra-

tion system consisting of a rigid foundation plate and a ground spring 

supporting upper structure with a spring constant K, and a calculation 

of the shear wave velocity under the foundation is attempted. 

  With deforming a rigid foundation δ horizontally, a shear strain of 

a ground γ can be simply set as follows (see Figure 13); 

 

𝛾 = 𝛿/ℎ    (1) 

 

  Here, ℎ is a thickness of a ground layer. A shear stress at a lower 

surface of a the foundation τ is shown as 

 

𝜏 = 𝐺𝛾 
 

  Where, G is elastic shear modulus. A horizontal power 𝑃 causing 

the horizontal deformation δ can set 

 

𝑃 = 𝐴𝜏 
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Figure 14 Schematic model 

of structure and foundation 
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  Here, 𝐴 is an area of the lower surface of the foundation. 

As a result, 

 

𝑃 = 𝐴𝜏 = 𝐴𝐺𝛾 = 𝐴𝐺 ℎ⁄ × 𝛿 
 

  Therefore the ground spring K can be set 

  

𝐾 = 𝐴𝐺 ℎ⁄     (2) 

 

  The observed predominant frequency f can be set considering addi-

tional mass 𝑚 and a mass above the bottom face of the foundation 𝑀 

as follows, 

 

(2𝜋𝑓)2 = 𝐾 (𝑚 + 𝑀)⁄  
  So, 

1

(2𝜋𝑓)2
=

(𝑚 + 𝑀)

𝐾
=

𝑚

𝐾
+

𝑀

𝐾
 

(3) 

 

  Considering that the latter term related to the rigid foundation and 

the former is predominant frequency of ground itself, the formula 

above can be set as follows; 

 

𝑚

𝐾
= (

4ℎ

𝑉𝑠
)

2

(2𝜋)2⁄  

 

  The mass above the foundation can be omitted because it is enough 

smaller than that of the foundation, and setting the thickness of the 

foundation 𝐻 and the unit weight 𝜌, 

 

𝑀 = 𝐴𝐻𝜌 
  So, 

𝑀

𝐾
=

𝐻ℎ𝜌

𝐺
= 𝐻ℎ (

𝜌

𝜌′
) 𝑉𝑠2⁄  

 

  From them, 
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1

(2𝜋𝑓)2
= 𝐻ℎ (

𝜌

𝜌′
) 𝑉𝑠2⁄ + (

4ℎ

𝑉𝑠2
)

2

(2𝜋)2⁄

= ℎ2 ((
𝐻𝜌

ℎ𝜌′
) + (

4

𝜋2
)) 𝑉𝑠2⁄  

 

  Hence, 

𝑉𝑠 = 2𝜋𝑓ℎ√(
𝐻𝜌

ℎ𝜌′
) +

4

𝜋2
 

      = 4𝑓ℎ√1 +
𝜋2

4
(

𝐻𝜌

ℎ𝜌′
) 

(4) 

 

  Formula (4) means that Vs becomes a value close to ordinary one 

when H is sufficiently small or f becomes smaller in the absence of H. 

  Here, setting H=13 m and 𝜌=2200 kg/m3 for entire the foundation 

including pavement, it can be set 𝑓=1.1 Hz, h=7 m and 𝜌′=1600 kg/m3 

at the northern basement, and 𝑓=1.4 Hz at the southern basement, av-

eraged h=18 m and 𝜌′=1600 kg/m3, according to new knowledge 

shown in Figure 15. So the shear wave velocity of northern ground 

𝑉𝑠𝑛 and southern ground 𝑉𝑠𝑠 can be estimated as,  
 

𝑉𝑠𝑛 =   84 m/s 

𝑉𝑠𝑠 = 187 m/s 
 

  This result of Vss estimation is reasonable because 𝑉𝑠 of southern 

soft ground has been estimated 100-200 m/s [10]. And the amplitude 

of three times can be estimated at 1.5 Hz from microtremor, so 𝑉𝑠 of 

southern soft soil can be estimated about 150 m/s with thickness 25 m 

when S wave propagation velocity is supposed around 400 m/s at the 

lower layer of the soft soil. This is consistent with former researches.  

  Because 𝑉𝑠𝑛 of northern ground is considered over 400 m/s, esti-

mated 𝑉𝑠𝑛 is too small and differs from the past knowledge. Next we 
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try to verify the propagation velocity in northern and southern ground 

of Colosseum using microtremor. 

 

7.2 Verification for the S wave propagation velocity of surface ground 

at southern side of Colosseum 

 

  Colosseum is thought standing on the filled artificial lake of Domus 

Aurea and the knowledge of the ground under the foundation has 

changed. Figure 15 shows the new knowledge on the ground around 

Colosseum. Therefore, here compares QTS of the points seem to be-

long to each geological condition. 

  Figure 16 is QTS of the points G5 and G6 thought to be equal geo-

logical condition under the foundation in north side, and the points G3, 

G4 and CG7 at a former river bed in south side. With consideration of 

the peak over 0.8 Hz referring the discussion of reliability at §4, the 

points G5 and G6 represent the predominant frequency of 2.5 Hz and 

1.3 Hz with its amplification factor of 2.2 to 2.7 times. The predomi-

nant frequency of point G3 or other is 1.0 to 1.4 Hz and the amplifica-

tion factor varies around 1.5 to 3.0 times. Assuming that the wave 

a)    Vertical section on L2 alignment, Holocene: a) (--) Bozzano [4], b) Scotti [ ].

b)    Vertical section on T1 alignment, Holocene: a) (--) Bozzano [4], b) Scotti [ ].

W E

S N

Metro C: under construction7m 18m 

Figure 15 Recent condition diagram of the ground around Colosseum 
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propagation velocity of the lower ground for these points is equally 

400 m/s, the S wave propagation velocity of the ground at the points 

G5 and G6 is estimated around 150 to 180 m/s, and that at the point 

G3 is estimated around 130 to 260 m/s. And the propagation velocity 

at north ground is thought to be slower. It is remarkable that slower S 

wave propagation velocity than that in south side is estimated same as 

QTS although the estimated propagation velocity 84 m/s for the 

ground under the foundation in north side is rather small. 

 

 

7.3 Verification for the S wave propagation velocity in surface ground 

at northern side of Colosseum 

 

G3 

G6 

G5 

CG7 G1 
G2 

CG6 

G4 

Figure 16 QTS of the points G5 and G6, and the points G3, G4 and CG7 

0.1

1

10

0.1 1 10 100

CG7t

CG7r
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  Microtremor measurement was conducted at 11 points (see Figure 

17) including 7 pairs on the north ground of Colosseum in December 

2015 for verification of the estimated S wave propagation velocity at 

the north ground. Microtremor was recorded simultaneously at a cou-

ple of the point with a distance around 10 m. Then the predominant 

frequency is estimated from QTS (HVSR), and the wave propagation 

velocity between the two points is derived from the cross-correlation 

method. A probable predominant frequency can be estimated with 

searching a peak with low correlation between horizontal and vertical 

components (see Figure 18). And the cross-correlation method decides 

that the wave propagation time between the two points with high cor-

relation coefficient and large time difference (see Figure 19). Because 

QTS and the cross-correlation method are the different technique for 

each other to estimate the wave propagation velocity in the surface 

layer, the reliability of the estimated value can be confirmed with 

matching each estimation result. The frequency analysis was conduct-

ed by the method mentioned in §3.Arrows at Figure 18 indicate the 

proper predominant frequency on QTS. Table 2 shows the predomi-

nant frequency, the amplification factor and the coherence between 

horizontal and vertical vibration. It shows that the predominant fre-

quency of the measurement points just in north side of Colosseum is 

about 1 to 2 Hz and then the S wave propagation velocity of the sur-

face layer can be estimated 80 to 160 m/s considering about 20 m for 

the thickness of the surface layer. This estimated value is quite small 

against the past research result. Besides, the propagation velocities es-

timated form the 7 sets of the simultaneous measurement are shown in 

Table 3, and it is agreeable for the result based on QTS. The wave 

propagation velocity of each point is estimated as an averaged value 

of both measurement lines from averaged wave propagation velocity 

for each measurement line estimated from the 7 sets of simultaneous 

measurement, and then the thickness of the surface layer is estimated 

along with the predominant frequency by QTS. This result is conclud-

ed as Figure 20, and that seems to be proper as distributing at around 

15 to 25 m for CGN1 to CGN6 corresponding to the pillar number 

#40 to #46. As mentioned above, the estimation for the ground under 
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the north foundation is considered to be almost reasonable because of 

nearly corresponding to measured Vs value for the north ground  
  While the ground of the arena is not only contaminated but also af-

fected by the vibration of Colosseum main body, that seems not to 

have much influence on the vibration of Colosseum. So the ground of 

the arena must be out of consideration of this paper. 

  In the next section, the estimation of the wave propagation velocity 

in the foundation is considered using the peak of QTS at high frequen-

cy range. 

Figure 17 Mesurement points in December 2015 
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Figure 18 QTS for northern side ground of Colosseum 
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Figure 19 An example of travel time estimation by 

cross-correlation method between CGN3 and CGN4 
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Figure 20 Estimated depth of surface ground of northern side of 

Colosseum 

Predom. Amp. Fac. Predom. Amp. Fac.
Freq. in Hz T/V (X/Z) coherence Freq. in Hz R/V (Y/Z) coherence

CGN1 1.465 1.442 0.0163 2.319 0.843 0.0318

CGN2 1.440 1.908 0.0399 1.221 1.443 0.0023

CGN3 1.440 1.598 0.0067 1.440 1.086 0.0258

CGN4 1.318 2.222 0.0674 1.367 2.089 0.0264
CGN5 1.953 1.668 0.0018 1.978 1.011 0.0142
CGN6 1.831 1.798 0.0144 1.538 1.195 0.0724
CGN7 1.392 1.353 0.0044 1.318 1.278 0.0271
CGN8 4.004 1.101 0.0221 4.712 1.206 0.0056
CGN9 4.468 2.158 0.0592 4.492 1.365 0.0634

CGN10 3.467 1.693 0.0055 3.760 1.599 0.0229
CGN11 1.514 2.642 0.0050 1.245 2.615 0.0682

Table 2 Probable predominant frequency with coherence from QTS 
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8.  Attempt for Wave Propagation Velocity Estimation in the 

Foundation Concrete 

 

8.1 Explanation of QTS, Quasi-Transfer Spectrum (HVSR) 

 

  QTS makes possible to recognize an obvious peak not only at low 

frequency range but also at high frequency range. If the peak at high 

frequency range is caused by the multiple reflection of SH wave in the 

foundation concrete, the shear wave propagation velocity in the foun-

dation can be estimated as the same way with QTS at low frequency 

range, shown in Figure 7. 

 

8.2 Estimation of S wave velocity in upper and lower foundation 

 

  A peak at high frequency range can be seen at the point on the 

foundation. Some peaks are close to 50 Hz, Nyquist frequency in this 

analysis. If the peak and the trough are caused by horizontal and verti-

cal motion, it will be able to estimate P wave and S wave propagation 

velocity 𝑉𝑝1 and 𝑉𝑠1 and Poisson’s ratio ν of the upper concrete with 

known thickness 𝐻1 and the wave propagation velocity 𝑉𝑝2 and 𝑉𝑠2 

of lower concrete as follows from the predominant frequency 𝐹𝑠 and 

the amplification factor 𝐴𝑠 of horizontal vibration and the predomi-

nant frequency 𝐹𝑝 of vertical vibration from the trough of QTS. 

 

𝑉𝑠1 = 4 × 𝐻1 × 𝐹𝑠 
 

𝑉𝑠2 = 𝐴𝑠 × 𝑉𝑠1 

Dis. A & B travel time in 1/1000 s m/s m/s m/s eject first

site A site B m X Y Z Vp Vsh Vsv one sec.

1 2 9.5 15.3 181.6 146.6 620 52 65 1-300

3 2 10.6 12.7 82.1 101.2 835 129 105 1-300
3 4 10.7 10.6 94.0 84.3 1013 114 127 1-300
5 4 11.5 6.6 78.0 95.6 1729 147 120 1-300
5 6 10.2 10.8 90.6 142.9 946 113 71 1-300
5 7 6.2 87.8 3.9 65.1 1600 71 95 1-300

10 11 7.2 37.3 12.3 22.6 586 193 318 1-300

Table 3 Propagation velocities estimated by cross-correlation method 
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𝑉𝑝1 = 4 × 𝐻1 × 𝐹𝑝 
 

  Vp2 is derived from assumption of same Poisson’s ratio of the up-

per and lower layer as follows. 

 

𝑉𝑝2 = 𝑉𝑠2 × 𝑉𝑝1/𝑉𝑠1 
 

  Because it is enough not large size of transversal direction of wave 

Figure 21 Predominant frequency and amplification factor on foundation for 

a high frequency range using radial component 
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propagation against a wavelength in general, Poisson’s ratio can be 

calculated as follows, 

 

𝜈 = (𝑉𝑝1 𝑉𝑠1⁄ )2 2 − 1⁄  
 

  Because the sampling frequency for the measurement is 100 Hz, 

there is a possibility for some troughs not to be measured at many of 

points. So here attempts the estimation of S wave propagation velocity 

𝑉𝑠 of the upper and lower layer concrete only considering a peak of 

QTS. 

  Table 1 includes the peak frequency 𝐹𝑠 and the amplification factor 

𝐴𝑠 at high frequency range. Figure 21 shows 𝐹𝑠 and 𝐴𝑠 corresponding 

Figure 22 Estimated S wave velocities in the upper and lower foundation 

(radial direction) 
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to the pillar number for each ring. Additionally, Table 1 lists the S 

wave velocity propagating in the upper and lower layers estimated 

above without the value more than 3500 m/s in the upper and the low-

er concrete because of the abnormal value. Figure 22 shows the esti-

mated 𝑉𝑠 of the upper and the lower layer corresponding to the pillar 

number of each ring and blue line to indicate around Vs = 3000 m/s 

assuming 𝐻1 = 6 m. Figure 23 shows a distribution of the estimated 

value corresponding to a size of bubble at the measured location. 

 

8.3 Distribution of S wave velocity in the foundations 

 

  Because the amplification factor is about two times, estimated 

propagation velocity in the lower layer is double for that in the upper 

layer, namely, 350-1200 m/s for the upper layer and 500-2200 m/s for 

the lower layer. However, there are some points with large abnormal 

value more than 3000 m/s in the lower layer. It is necessary to deter-

mine the cause of the extremely large value of the predominant fre-

quency or the amplification factor. 

  Figure 23 shows the estimated shear wave velocity on the founda-

tion plane with a diameter of bubbles. A star means the abnormal val-

(a) Upper foundation                                (b) Lower foundation 

 

Figure 23 Distribution of S wave velocity in foundations 

Estimation over 3500m/s are omitted 
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ue more than Vs = 3000 m/s. Although it is necessary to notice that 

this is tentative result because of the missing measured data, the shear 

wave velocity becomes large in north-west part of both the upper and 

lower foundation and also becomes large in south part of the lower 

layer. 

 

8.4 Comparison between the estimated S wave velocity and the setting 

velocity for FEM model of Colosseum 

 

  There is no actual measured data to verify the estimated Vs. Instead 

of this, a high precision FEM model has been constructed, so the esti-

mated value is compared with the input value for the FEM model. 

  Figure 24 shows the result of comparison between the estimated S 

wave velocity and setting velocity for the FEM model of Colosseum. 

Small, middle and large bubble sizes correspond to the location of R2, 

R3 and R4, respectively. Red and blue bubbles indicate the input and 

estimated velocities, respectively. 

  The comparison conducted not only for the radial direction but also 

for the tangential direction. As a result, although the range of the val-

Figure 24 Comparison estimated S wave velocity and setting velocity for FEM 

model of Colosseum 
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ues is almost similar, the correspondence for each other is poor indi-

vidually. 

  Because this method is easy to apply and can provide reasonable 

estimation result in a certain level, it would be able to confirm the 

measuring error and to compare with the measured value. 

  This estimation technique has a possibility to measure simply the 

status of the Colosseum foundation and it is necessary to validate the 

adequacy and accuracy of the estimation result comparing with other 

result of investigations. 

 

9.  Conclusion 

  This paper describes the attempt to estimate the physical property 

of the foundation concrete and surrounding ground of Colosseum us-

ing the result of microtremor measurements in the past at the ground 

level of Colosseum and its surrounding ground. Mainly with the mi-

crotremor of the radial direction, some impressive result was obtained 

such as that the distribution of the predominant frequency on the 

foundation is consistent with the distribution of clacks at the lower 

concrete estimated by numerical analysis. Estimation of the S wave 

propagation velocity of the upper and lower concrete of the Colosse-

um foundation was made an attempt because of a possibility of captur-

ing the multiple reflection phenomena in the Colosseum foundation 

with 12 m thickness from QTS devised to obtain S wave multiple re-

flections. The authors will progress validation of the estimation result 

with comparing to the other research results. 
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Abstract 
The future structural damages may be produced by ambient vi-

brations and possible earthquakes. An accurate 3D analytical model 

could be a valid scientific tool able to warrantee the monument 

preservation. In past researches: a) the existing tests in 200 points 

were used, b) many man hours spent were spent for analyses to be 

compared with tests, obtaining the map of 700 elasticity modules. The 

sure feasibility was demonstrated for the proposed methodology, with 

the former research. And now the accuracy improvement is proposed, 

by further: c) tests, d) analyses. The objective of this scientific pro-

posal is the improvement of a 3D F.E. model for the simulation of the 

linear dynamic real behavior everywhere in Colosseum for future con-

trols to warrantee the structural preservation. The former research 

(a+b) is shown here.  
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1. Introduction 
 

At 3.32 a.m. on 6th April 2009, the main shock of L’Aquila 

earthquake ran for 100 km inside the soil arriving to Rome, as in Fig-

ure 1; and INGV recorded these vibrations in Colosseum and its un-

derlying soil.  

Every time, the soil transmits the principal vibrations to the monument 

basis, like ambient vibrations, micro-tremors and earthquakes.  

The usual models of Structural Engineering have elevation fixed at the 

basis and the soil is missing; in such case, the abovementioned vibra-

tions cannot arrive to the monument.  

We propose a new methodology collecting three models by Geophys-

ics, Structural and Transportation Engineering; and in the third mil-

lennium, the PC allowed the analysis with 500,000 d.o.f. 

So, a DISS Group grown up between Italian Universities, ENEA, 

INGV, SSBA of Rome, SDR of Tokyo, producing four International 

Workshops.  

For Colosseum: 1) the tests in 200 points were at disposal, 2) many 

man hours were spent with pure scientific interest, 3) we obtained to 

identify the map of 700 elasticity modules by comparison between 

tests and analyses, with good tolerances. The reliability of the pro-

posed methodology was demonstrated by linear dynamic analyses 

with the aforementioned actions. The final objective is to bring to per-

fection the 3D FF.EE. model up a small tolerance, in order to allow  

checking deterministically on PC the effect of all external actions. 

 
Figure 1. The earthquake travelled 90 km from L’Aquila to Rome, on April 2009. 
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2. The geophysics model 

 
Figure 2.  Geophysics model. Vibrations from soil to monument. 

 
Figure 3. The damping pool (absorbing boundary). Rayleigh=85%, for fr=16 Hz. 

 

According to rules of geophysics models, the soil clod is shown in 

Figure 2, it has dimensions b and h enough large to ensure the satis-

faction of the following conditions: 
 

Dark gray, h ≤ z,  uG, vG, wG = constant, rigid motion; 

Gray, h > z = constant, |x|, |y|  1.5d, u, v, w = constant; 

Light gray, h > z = constant, |x|, |y| < 1.5d, u, v, w = variable. 
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In order to avoid the effect of waves rebounds, a damping pool was 

created on the boundary of soil model, with Rayleigh coefficient 

=0.85 between frequencies 110 Hz, as in Figure 3. 

In Figure 4, the mode of vibration n. 140 is represented, there are evi-

dent the contemporary vibrations of monument and Holocene. 

 
Figure 4. Vibrations of Holocene and monument (mode n. 140). 

 

3. Linear dynamic equation for 3D DISS model 

 
 

 
 

 Figure 5- Numbering of an element.   Figure 6. Examples of integration point 

labelling. 
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Isoparametric elements are used with 2x2x2 Gauss points, as in 

Figures 5 and 6. 

Where the matrices M, C and K are every time constant. 

If we wish the accuracy  5% for the solution u(t), we need to define 

the matrices C and K with the same accuracy, apart the matrix M 

which could attain such accuracy more easily. 

We admit that the simple oscillator is subjected to a time history of 

accelerations; at the generic time t2 > t1 =0 the system configuration 

will be as in Figure 7. Ambient vibrations and all weak vibrations are 

analyzed by the DISS 3D model, and solving the linear dynamic equa-

tion: 

M(ü+üG) + Ců + Ku=0  (1) 

Which is equivalent to:  

Mü + Ců + Ku= -MüG   (2) 

 

 
Figure 7. Simple oscillator.  

 

4. Concrete 

 

The Mechanics of concrete already consolidated the two following  

models: a) "Homogeneization of concrete", b) "Smeared Crack Band".  

The principal researchers in this field are by K. J. Bathe (orthotropic, 

hypoelastic) [4], Z. Bažant (plastic-fracturing, endochronic, micro-

planes, non-orthotropic, fracture, aggregate interlock) [5, 8..13, 15, 

17...20, 22] , Technical University of Delft (Blaweendradt, Hillerborg, 

Walraven, Reinhardt, Rots, Van Mier) [7, 14, 16, 21]. 
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4.1 Homogeneization 

 

For concrete frame as in Figure 8, the homogeneized model is 

adopted; firstly the tests on cubic specimens, having side a=15 cm, are 

performed, with maximum aggregate size dMAX=3.0 cm; the ratio 

a/dMAX =6 warrantees the independence of  mechanical characteristics 

from random distribution of aggregate inside cubic specimen. 

The mechanical characteristic obtained by cube will be used for un-

damaged reinforced concrete structures, if a/dMAX >6.    

 

 

 
 

Cube of 15 cm, dMAX=3.0 cm. 

Figure 8.  Project of reinforced concrete. Cubic specimen. 

 

4.2. Concrete nonlinear model 

 

The usual “Concrete Mechanics” could arrive to size of 50x50x50 

cm with different mechanical characteristics and orthotropic matrix 

too, defined by crack orientation in the single Gauss point in the single 

FE. 

We start from integer concrete for the concrete foundations of 2000 

years ago; and we admit to know all nonlinear material characteristics: 

εC, εU, σC, σU, σT, GF, E0, shown in Figures 9 and 10. 
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Figure 9. Uniaxial stress-strain relation in the 

concrete model. 
Figure 10. Crack and tensor 

depictions drawn. a) b) and c) 

one crack. d) e) and f) two and 

three cracks.   
 

 

 

Figure 11.  

a)  “Crack Band Width”,  w=6dMAX 
Figure 12. “Smeared Crack Band”.  

Orthotropic Symmetric Matrix 

 

The following elasticity modules are used, for each principal direc-

tion, and in each integration point: 

E0= uniaxial initial tangent modulus, and for low stress;  

ET= uniaxial tangent modulus in the direction for compressive high 

stress;  

ET= EF <0 uniaxial tangent modulus for εT  <ε< εF;  

ET= 0 uniaxial tangent modulus for ε > εF;  
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σC = maximum uniaxial compressive stress; 

σT = maximum uniaxial tensile stress; 

GF = fracture energy. 

Crack and tensor depictions are shown in Figure 10. 

 

4.3 Smeared Crack Band 

 
Figure 13. Aggregate Interlock. Orthotropic unsymmetric matrix. 

 

The Mörsch frame of one century ago produced the “Smeared Cra- 

ck Band” model. 

For F.E. model, the “Smeared Crack Band” was better defined by 

Bažant et alii [8, 17,  20]; it is shown in Figures 11, 12. “Aggregate 

Interlock” was defined in [7, 13, 15], see Figure 13.  

 

4.4. Stiffness matrix: isotropic, symmetric orthotropic, asymmetric or-

thotropic. Local and nonlocal continuum.  

 

“Nonlocal Continuum” is shown in Figures 14 and 15 [18, 20].  

We start from integer concrete, for which we know all mechanical 

characteristics at least EO, F, T are needed. By incremental analysis 

we arrive to cracking as in Figures 19a, b and c and we obtain the lo-

cal stiffness matrix in the Gauss point, which are: 

1) symmetric isotropic for integer material; 
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2) symmetric orthotropic, referred to cracking plane T-T, as in Figure 

12; 

3) asymmetric orthotropic, referred to cracking plane T-T if aggregate 

interlock happens as in Figure 13, with N≠0,  T≠0. 
 

 

 

Figure 14. Nonlocal strains Figure 15. Gauss Function 

 
Figure 16. Radial section on RW50, Floor 1, Ring4. Point n. 5014. 

N. 3 layers of foundations. 
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4.5 Nonlinear static Analysis of foundations with concrete model  

 

 
Figure 17 . The mesh of upper concrete layer, with the n.5 tunnels (E, S, W, N and 

Commodo at SSE). Z=1.007.00 m 

 
Figure 18. Vertical displacements  of foundations, for phases: 1) full t=0;  

3) viscosity t=; 4) partial  load t=. “La platea di fondazione ..potrebbe presenta-

re al suo interno una frattura accentuata..Quaranta centimetri di dislivello nella 

parte sud del Colosseo” (Corriere della Sera 29 luglio 2012 ). 
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Figure 19a. Cracks of Fond1. Z=1.007.00 m.  

 
Figure 19b. Cracks of Fond2. Z=7.0010.00 m. 
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Figure 19c. Cracks of Fond3. Z=10.0013.00 m. 

 

The incremental static analysis is performed, with the following  

equation:  

M(t+Δtü- tü) + tK(t+Δtu-tu)= (t+ΔtP-tP)   (3) 

 

with C=0, M=const, tK=variable. 

We take into account different phases:  

a) foundations construction; initially, for undamaged concrete we 

assume two different constant modules for the two layers, upper 
0_UPPERECONCR=12000 MPa, lower 0_LOWERECONCR =24000 MPa, correspon-

ding to the maximum values obtained by identification; 

b) monument construction;  

c) viscous effect development; at viscous effects exhausted, the fi-

nal analysis, was performed for the full dead load enclosing the eleva-

tion, half elasticity modules for concrete, 0.75 elasticity modules for 

the soil:  
 

=2. 0 ,    ECONCR=0.5 0ECONCR,    ESOIL =0.75 0ESOIL  (4) 
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d) missing of southern walls. 

For lower layer of foundations, we could arrive up to:  

(868 Elements) x (8 Gauss Points) x (3 Directions) = 

20,832 different elasticity modules 

 

5. Identification of foundations and soil 
 

The H/V spectral ratio of microtremor measured at anywhere was 

confirmed that it is able to estimate the predominant frequency and the 

amplification factor. As shown in Figure 20, the result of estimation is 

stable for the measured time and seasons [42]. We have at disposal n. 

76 measurement points. 

The actual group 5227 of lower foundations layer is represented in 

green in Figures 2830. 

It has a size too much large, 35 x 30 x 6 m. 

According to usual techniques for concrete, constant elasticity modu-

lus is adopted, reduced by existing cracks, the uniform “Smeared 

Crack Band” over the full large size. 

This constant elasticity modulus is a rough assumption, because group 

5227 appears locally damaged in: 

But actually the damaged zones in Figure 19a, 19b and 19c 4 are hy-

potheses alone. Further tests are needed to localize better the most 

damaged zones. 

 

  

Fig. 20. Time change of the horizontal 

spectrum [45] 

Fig. 21. Time change of the H/V spectrum 

on the surface 
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5.1. Smaller Groups for foundations. 

 
Figure 22. Upper Layer. To deepen Groups in green.  

 
Figure 23. Middle layer. To deepen Groups in green.   
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Figure 24.Lower layer. To deepen Groups in green. 

 

 
Figure 25. Group 5227 with one constant elasticity modulus;  

minimum size  35 x 30 x 6 m. 
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Figure 26. Future Group 5227 with n. 4 constant elasticity modules;  

minimum size 17.00  x 15.00 x 3.00 m. 

 

Further analyses will be performed with smaller mesh size and more 

elasticity modules as in Figure 25, with n. 4 new elasticity modules for 

old Group in red. A good improvement of the results’ reliability is 

waited, in the damaged zones up to 50 x 50 x 50 cm, and more elasti- 

city modules, according to the tests results and  the smearing of cracks 

in a band large (w=6 da20 cm, Figure 12). 

The crack surface is variable with the height, the cracks are diffused in 

a depth (w=6dMAX); orthogonally to such surface, as in Figure 12.  

The main crack surface is not the vertical projection of the green dis-

connection  line in Figures 22÷24. 

 
Figure 27. Future Group 5227 with many elasticity modules;  

minimum size 3.00  x 2.00 x 1.50 m. 
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5.2 Soil 

 

The soil layers at NW are represented in Figures 28÷34, they have 

size  300x300x15 m; the first layer of deposit encloses the anthropic 

rests,  in order to follow the existing variability it could be suitable to 

have dimensions up to 2 x 2 x 2 m with constant elasticity modules. 

 

 

 
Figure 28.  Deposit,  

 
Figure 29.. Pleistocene 1,  
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Figure 30. Pleistocene 2,  

 
Figure 31. Pleistocene 3,  

 
Figure 32. Gravel,  



A methodology for the 3D DISS model of Colosseum  
 

97 

 
Figure 33. Pliocene 1,  

 
Figure 34. Pliocene 2,  

 

5.3. Actual large uncertainties for Holocene 
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Figure 35.  Cross section along the minimum diameter:  the  new proposal [37]. 

 

Actually we have large uncertainties for Holocene; the last tests for 

Metro C construction by Sciotti [37] proposed a depth of 21 m; in-

stead, the geological tests by Bozzano [31] proposed a depth of 45 m.  

In order to verify the role played by the Holocene alluvial valley in 

amplifying the soil shaking, we perform test-analysis comparison of 
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H/V diagrams. The Ipogei zone is surrounded by the foundation ring. 

This latter is an around 14 m thick concrete layer.  

 

 
Figure 36.  Holocene plan uncertainties: c) d1=21 m [37], d) d2=45 m (---) [31]. 
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Table 2 Layers, from Figure 38…41. 

 Z depth 

Foundations 0.0013.00 13.00 

Old Holocene [30] 6.5051.50 45.00 

New Holocene [36] 13.0034.00 21.00 

 m m 
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Figure 37. Vertical section on L2  Holocene: a) (--) Bozzano [31], b)  Sciotti [37]. 

 
Figure 38. Vertical section on T1 Holocene: a) (--) Bozzano [31, b)  Sciotti [37]. 

 

6. Groups in elevation with constant elasticity modules 

 

In the paper by Vestroni [41] “The properties of the different ma-

terials, which are supposed to be isotropic linearly elastic, are sum-

marized in Table I (Travertine, Brick masonry, Tuff, Concrete). Inter-

action with soil is not taken into account in this study and all degrees 

of freedom are restrained at the base… The data on the travertine 

were derived from compression tests performed on stone cores bored 

into sample pillars during the restoration works of 1979 [6]… The ex-

perimental estimate of cp is 0.42 times the value furnished by the pre-

vious ratio using the same material properties formerly assumed in 

the finite element model, which almost produces a reduction in the ra-

tio E/ρ similar to that obtained by the process of optimization. It must 

be noted that a strong reduction in the ratio E/ρ must be considered in 

order to fine tune the numerical and experimental results. Anyway, 

this means that the global structural stiffness is much lower than that 

initially derived by assumptions based on local mechanical proper-

ties.” 
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Firstly, we tried the test-analysis comparison with the same n.4 mate-

rials in elevation, we changed these n. 4 values and the best solution 

was with a large scatter ε in the matrix MAC. 

For travertine we start from already reduced E0=20,000 MPa on 1979 

[6], then we must consider the reduction 0.42. 

Obviously, such strong reduction 0.42 implies its possible variability, 

analogously as for concrete mechanics. 

Then, for materials which suffered the external actions in 2000 years, 

we admit that it is possible to obtain the initial elasticity modules E0 

alone reduced by the damaging smeared in the group of elements.  

 
Figure 39a.  Travertine wall  (n. 32 different elasticity modules). Size 12.00 x 27.00 

x (1.50÷3.50) m. 

 

We tried with more elasticity modules in elevation (n. 32 for outer 

northern wall as in Figure 39a) and ε was diminishing, but not enough. 
 

Table 3. MAC coefficients for modal identification [36] 

a/e 1 2 3 4 5 6 7 

1 (1-ε) ε ε ε ε ε ε 

2 ε (1-ε) ε ε ε ε ε 

3 ε ε (1-ε) ε ε ε ε 

4 ε ε ε (1-ε) ε ε ε 

5 ε ε ε ε (1-ε) ε ε 

6 ε ε ε ε ε (1-ε) ε 

7 ε ε ε ε ε ε (1-ε) 
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Figure 39b. Travertine wall  with n. 64 different elasticity modules. Size 12.00 x 

13.50 x (1.50÷3.50) m. 

 

 

Figure 40. Wall homogeneization. 

 

We tried with more elasticity modules in elevation (n. 64 for outer  

northern wall as in Figure 39b) and ε was diminishing again.   

The principal evident disconnections were introduced in the mesh, ac-

cording to existing CISTEC survey [35]. 

The damages are not known inside a large depth of a wall.  

Finally, only the isotropic linear elastic behaviour may be assumed, 

with zones having different elasticity modules EO. 

The very good analytical-experimental fitting testifies the reliability of 

the proposed method. 
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7. Uniqueness of identification 

 

We are not mathematicians, we try to justify the dynamic charac-

terization.  

The map of 700 elasticity modules is obtained by three independent 

physical phenomenon as: 1) modal analysis in elevation, 2) ambient 

vibrations for foundations and soil, 3) viscous deepening and damages 

in 2000 years. 

We declared that the problem is multidisciplinary, and now we arrive 

to use an aphorism by Agatha Christie: “one indicium is one indicium, 

two indicia are a coincidence, but three indicia are an evidence”, in 

the proposed methodology the indicia are in excess too. 

The total compared values between test and analysis are  (2500 + 

320)  2800; the boundary conditions are around four times the elas-

ticity modules. 

Further new elasticity modules are needed. 

 

7.1. Vibration modes in elevation 

 

We are referring to: 

a) n. 7 radial accesses, 7 levels, table with (7 x 7) = 49 points; 

b) n. 7 experimental modes, 7 analytical modes, matrix MAC 

(7x7)50 ;  

c) compared values between test and analysis (49 x 49)  2500. 

The n. 7 experimental frequencies result in the range 1.032.75 Hz, 

the modal analysis is performed in the range 0.903.00 Hz and n.200 

modal shapes are found. 

By comparison between analyses (A) and experiments (E), after many 

trials we obtain: 

 

  Ef1=
Af6<

 Ef2=
Af12< Ef3=

Af15< Ef4=
Af18< Ef5=

Af21< Ef6=
Af25< Ef7=

Af27 (5) 

and the coincidence of the corresponding modal shapes, testified by 

MAC matrix. This solution corresponds to a minimum and it is stable, 

any variation of one elasticity modules will change frequencies and 

modal shape. 
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7.2. Diagrams H/V for the soil 

 

We have: 

d) n. 76 diagrams 

e) n. 2 frequencies NS and n. 2 frequencies EW; 

f) compared values between test and analysis 4 x 76  300. 

 

7.3. Vertical displacements of foundations in 2000 years 

 

Today we find: 

g) the foundations are divided in two parts;  

h) the deepening of 40 cm in the Southern side with respect to 

Northern, as in Figure 18. 

 

8. ANALYSIS FOR EXTERNAL ACTIONS  

 

8.1 Trains action  

 

N.4 Trains are running simultaneously inside the tunnels of Metro 

B and C. 

  
Figure 41. Sections of the wagon with seated  (---) and standing (---) travelers: a) 

longitudinal with mode n.5 of pitching; b) transversal in the curve V6, with rails’ 

rise z=16 cm. 

 

In nonlinear analysis, the incremental F.E. equations used are: 
 

 M(t+Δtü- tü) + C(t+Δtů- tů) + K(t+Δtu-tu)= (t+ΔtP-tP)   (6) 

 

C=αM+βK, Rayleigh damping matrix, 

K=constant, corresponding to reduced elasticity modules according to 

“Smeared Crack Band” model, obtained by identification; 

M=const. 
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The actions produced by the wheels on the rails are: 

 

(6 wagons)x(2 bogies)x(4 wheels)x(3 directions) = 144 Pi(s,t)  (7) 

 

The actions at the crossings between rails and sleepers are: 

 

(300/0.70) x 2 x 4 x 3 = 10285  (8) 

 

8.2 Analysis of soil Colosseum interaction subjected to accelerations 

at the bedrock 80 m under the ground level  

 

At the bedrock level of our model, we apply the three acceleration 

components at 80 m under ground level:  xüG, 
yüG, 

züG, 

Then we will analyze the most significant time interval 0÷54 secs, 

when the principal actions happened. 

For maximum values, the amplifications are:  
 

Table 5. Amplification factors for maximum acceleration components from bedrock 

to hypogeum for QQMAIN  

 x/N y/E Z 

QQMAIN 1.40 1.37 2.93 

 

In nonlinear analysis the incremental F.E. equations used are: 
 

M(t+Δtü- tü) + C(t+Δtů- tů) + K(t+Δtu-tu)= -M(t+ΔtüG-tüG)   (9) 

 

C=αM+βK, Rayleigh damping matrix, with C1=C2=5% 

K=constant, corresponding to reduced elasticity modules according to 

“Smeared Crack Band” model, obtained by identification; M=const. 

 

8.3. Transfer function 
 

Different actions at the bedrock on the model, like the main-shock 

and the after-shock, produce different amplification factors from the 

bedrock to the points C1 and C2 in the hypogeum, within ranges: 

aX1.301.40,  aY1.351.45,  aZ1.903.00 (10) 



A methodology for the 3D DISS model of Colosseum  
 

105 

If our proposal is to attain a good accuracy, the use of transfer func-

tion is not reliable, because the error may overcome 30%. 

Beside this, the proposed model allows the analysis of ambient vibra-

tion for different vehicles. 

 

8.4. Comparisons 

 
Figure 42. Peak of ATOT  due to trains, on: a) RA XLVII, b) axis of Metro B, felt by 

pedestrians. Station cyan, Valadier blue, Constantine green, Max red. 

 

About the vibrations on the ground, in axis with Metro B, as in 

Figure 45, when the two trains arrive both in axis with greater ellipse 

diameter, at distance Dx from the step of the station to the end of Con-

stantine arch, the maximum velocities and accelerations, in horizontal 

and vertical directions, with: 

 

aH = [ (aX)2 + (aY)2] 1/2;   aTOT = [ (aX)2 + (aY)2 + (aZ)2] 1/2;  aV = aZ ; (11) 

 

and analogous equations for velocity components. 

The lower limit of vibrations perceptible to people is set by observa-

tion and experiment at approximately 0.00lg or l cm/sec (from Na-

tional Information Service for Earthquake Engineering, University of 
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California, Berkeley, “The Nature of Ground Motion and its Effect on 

Buildings”, Christopher Arnold, A.I.A., 1982). 

Whole-body vibrations in the range of 3-10 Hz are particularly critical 

because large body organs within the rib cage and abdomen resonate 

within this frequency range and it is within this general range that the 

inherent vibration isolation capability of the body is least effective 

(Grether, W. F., "Vibration and Human Performance," Human Fac-

tors, Vol.13, No. 3, 1971, pp. 203-216). 
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Figure 43. FFT of ATOT  felt by pedestrians: a) due to trains, b)  for QQmain , Sta-

tion cyan, Valadier blue, Constantine green, Max red. 

 

Man is sensitive to mechanical oscillations ranging in frequency from 

well below 1 Hz up to at least 100 kHz. Guignard, J. C., Journal of 

Sound and Vibration, Volume 15, Issue 1, 03/1971. 

http://adsabs.harvard.edu/cgi-bin/author_form?author=Guignard,+J&fullauthor=Guignard,%20J.%20C.&charset=UTF-8&db_key=PHY
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About the threshold of human perceptibility of pedestrians: a) the 

maximum accelerations overcome it; b) the maximum velocities are 

near its limit.  

The analyses should be deepened for different convoys passages, be-

sides the proposed four convoys simultaneously centred on the two di-

ameters; however, in order not to feel any vibration by pedestrians, 

from the analysis the reduction factor is requested =65/174.0. 
 

Table 6. Principal Frequencies and Amplification factors  

(Low and High Frequencies) by Nakamura 

 north/rad FLOW ALOW FHIGH AHIGH  east/tan FLOW ALOW FHIGH AHIGH 

C1 BGNn 0.90 3.20 25.4 1.48  BGNe 1.17 2.90 41.4 1.50 

C2 BGSn 1.17 1.67 19.0 1.65  BGSe 0.78 4.0 35.7 1.37 

C3 2504n 1.22 1.83 25.1 2.24  2504e 1.73 2.21 24.3 1.93 

  Hz  Hz    Hz  Hz  

 

If we consider a single point centred on the axis of Metro B, the sim-

ultaneous passage of two convoys is a rare event, instead for one con-

voy alone the interval time is around few minutes; so we could be sat-

isfied of the reduction factor requested 2.0, for a single convoy. 

 

9. Buttresses 

 

It would seem that the actual monument is more vulnerable with re- 

spect to the initial integer one, and that the buttresses are the weakest 

parts, as by following Authors: 

A) Nakamura [32]: “For 1349 earthquake the reported modified Mer-

calli intensity is VIII which correspond to an acceleration of 175 Gal.  

These values show that, MM VI-VII earthquake which correspond to 

acceleration about 67 Gal will be enough to cause more damage in 

vulnerable points of Colosseum”. 

B) Pau, Vestroni [41] “The most vulnerable areas of the monument, 

are the vaults of the second order near Stern’s buttress, and the pil-

lars of the third order near Valadier’s buttress. At these points, the 

Fourier transforms of the maximum principal stress, exhibit the same 

pattern and confirm that the first and second modes are mainly re-

sponsible for the maximum stress”.             
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Figure 44. Eastern Stern Buttress. R.W. 25, R.A. XXIV 

 

 

Figure 45. Western Valadier Buttress R.W. 59, R.A. LIII.  
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10. Eventual improved control since the third millennium  

 

In his parable, Luca said (5: 33-39) "No one tears a piece from a 

new cloak  to patch an old one. Otherwise, he will tear the new and 

the piece from it will not match the old cloak”.  

The risk of damages produced by uncontrolled different elasticities 

coupling was known since 2000 years ago.  

In the past, some structural interventions were necessary, but the 

available semi-empiric methods were unable to control all the effects 

produced on global vulnerability of a so complex organism. 

Instead, the proposed model could control: a) the produced vulnerabil-

ity change by new interventions; b) ambient vibration actions; c) a se-

rious seismic study. 

In the following, some structural past interventions are shown. 

The proposed methodology could improve the control in future similar 

interventions.  

 

10.1 Construction over Holocene 

 
Figure 46. The Holocene strongly enhances the vibrations over it. 

 

The ancient Romans could not know the high enhancements of 

vibrations produced by underlying Holocene layer, discovered later 

[30], as in Figure 46, otherwise they would not build Colosseum in 

such placement. 
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10.2 Construction over Nero pond 

 
Figure 47. The Nero pond. 

 

The Nero pond contributed to the high viscosity of soil under Col-

osseum, which produced the vertical displacement between southern 

and northern sides of Colosseum foundations up to 40 cm. 

 

10.3 Earthquake on 1349 

  
Figure 48. Detail of Colosseum from a 

copy of a lost view attributed to Fran-

cesco Roselli (second half of fifteenth 

century) in the Mantua Ducal Palace.  

Figure 49. The Colosseum crack due to 

earthquakes, 1600, Matheo Florimj 

formis. 

 

Probably, the first breach due to earthquake on 1349 happened in 

the southern wall, as in Figures 48 and 49. 
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10.4 Stern and Valadier buttresses  

 
Figure 50. Before intervention. 

 

 

Figure 51a. After Intervention Figure 51b. Arches filled with walls. 
 

https://it.wikipedia.org/wiki/File:Colosseum_(Rome)_4.jpg


R. Alaggio, F. Di Fabio, A. Di Egidio, D. Dominici, G. D’Ovidio, A. Luongo, 

L. Macerola, V. Massimi, Y. Nakamura, M. Tallini, G. Totani, G. Valente  

 

112 

 
Figure 52a.  Drawing showing West side before Valadier buttress. 

 
Figure 52b. 

 

The buttresses at East by Stern (1805-1807) and at West by 

Valadier (1824) are shown in Figures 50, 51 and 52. Such interven-

tions were necessary to stop increasing damages, but they modified 
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strongly the global stiffness of the monument, without sufficient con-

trol. 
 

10.5 Salvi and Canina intervention for 60 cm out plumb on inner 

side (1830-1850) 

 
Figure 53a. Fasteners 

 
Figure 53b. Fasteners by Canina. 
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10.6 Excavation for Metro B (1939). 

 
Figure 54. By Perrone [1]. 

 

The excavation started on 1939, between Colosseum and Con-

stantine Arch, inside archaeological area, in open air. The pedestrians 

in the place feel all the Metro B runnings. 

 

10.7 Six pillars strengthened with steel bars and epoxy resins (1979) 

  

 
 

Figure 55a. Suppòrt of the arcades: the six strengthened 

pillars.[6] 

Figure 55b. Pillar with 

steel and  resin.  
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10.8 Models with fixed basis 

 
Figure 56. Model by Structural Engineers.  

No soil? Fixed basis? No Colosseum vibrations, for traffic and microtremors. 

 

In Figure 56, the usual model of structural engineers is represented. 

The missing soil and the fixed basis are equivalent to a rigid plate at 

the basis of the monument. 

Ambient vibration, microtremors and earthquake effects are produced 

inside the soil and they cannot arrive to the monument, if a 3D model 

with fixed basis is considered.  

The soil Colosseum interaction model is necessary in order to allow 

all analysis about historical phoenomena in 2000 years like building, 

damage, viscosity, vertical displacement of foundations arriving to 40 

cm between southern and northern sides, today. 

About modal vibrations [24, 33, 38, 41], it results that: 

1) instruments for tests on the basis are present in [24, 33], they are 

missing in [38, 41]; 

2) the monument vibrations start from the basis in [24, 33], they start 

from the second floor [38, 41]; 

3) radial and transversal vibrations are considered in [33], they are dis-

regarded in [38, 41]; 
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10.9 Approximate Methods 

 

 

Figure 57. The domes: a) the third one with the decoration of the first one; b) the 

third one after the collapse on 1996. 

 
Figure 58. Allowed mechanisms and collapse multipliers [23, 26, 27]. 

 

Up the second millennium the analyses of monument were allowed 

 with approximate methods alone. 
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The Limit Equilibrium Method seems a metaphysic method [23], be-

cause it considers too many hypotheses (in parentheses the real prob-

lem is shown): 

1. static horizontal loads, (dynamic); 

2. monotonic horizontal loads, (alternative); 

3. horizontal acceleration constant along the height, (increasing); 

4. nihil tensile strength, (it cannot be disregarded to warranty the 

shape for gravity alone); 

5. structure fixed at the basis, (soil structure interaction); 

6. macro elements generation by cutting planes, (overcoming the 

internal strength, the real micro cracking is smeared in the volumes); 

7. transformation of the problem from 3D to 2D, practically in 

Fig.3 the designer attain to an arch with four hinges in 2D (the Sicilian 

baroque is in 3D, the Catania dome has serious damaging by torsional 

vibrations); 

8. the equilibrium conditions alone are imposed, (the material char-

acteristics are not used, thus the tests on materials are not useful; it 

always gives the same collapse multiplier for gypsum or granite, inte-

ger or damaged material); 

9. introduction of plastic hinges, (impossible stress concentrations). 

The computation of the collapse multiplier λ is shown in Figure 58, it  

is the minimum ratio between the horizontal force and the weight, be-

tween the different collapse mechanism. 

Noto cathedral suffered the three collapses in two centuries, and its 

dome is shown in Figure 57; it was rebuilt with same: a) material, b) 

diameter, c) height from soil, d) approximate analyses. It is the best 

example to test approximate methods. 

The nine hypotheses seem all in disadvantage of safety and they may 

lead to a collapse multiplier with a large error in safety disadvantage.  
 

10.10 Mode changing in opposition of phase between 3F and 3F 

 

Our first near full-scaled microtremor measurement at Colosseum was in 

1998, and we had an opportunity to measure again near the pillar #40 

in 2013 at almost the same point of that of the past measurement.  

The change of the modal shape indicates something caused by works 

between 3F and 4F. The changes by these works appear at the fence, 
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the floor joint and the drain, for example, the shape of the floor joint 

changes from concentric fashion to radial fashion. This situation is 

consistent with the change of the dynamic characteristics. 

The mode changing the phase for 180 degrees between 3F and 4F can 

be commonly observed in 1998 but not in 2013.  

The Kb value in 2013 becomes larger in almost all the direction than 

that in 1998, and it indicates that the structure has weakened. Espe-

cially the value becomes 1.4 times against that in 1998 for the radial 

direction and the story drift at the pillar of 3F is estimated to reach 1% 

by the earthquake motion about 100 Gal. 

 

 
Figure 59. Mode changing the phase for 180 degrees between 3F and 4F. 

 

11. Further analyses and tests 

 

11.1. Accelerometers tests 
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Figure 60. Ring1 Size 12.00 x 13.50 x (1.50÷3.50) m. ZSUMMIT=48.02, N. (10 x 7)=70 

points. RW 24, 28, 32, 36, 40, 44, 48, 52, 56, 58, at levels from ground to summit 

(Z=0.00/ 10.55/ 22.29/ 33.84/ 39.00/ 41.51/ 48.02 m) 

 
Figure 61. Ring2, ZSUMMIT=23.96, 32.08, 37.50, N. (10 x 5)= 50 points 

RW 24, 28, 32, 36, 40, 44, 48, 52, 56, 60, at levels from ground to summit (Z=0.00/ 

12.47/ 23.96/ 32.08/ 37.50 m) 

 
Figure 62. Ring3, ZSUMMIT=24.14, 29.84, N. (20 x 4)=80 points. RW 4, 8, 12, 16, 20, 

24, 28, 32, 36, 40, 44, 48, 52, 56, 60, 64, 68, 72, 76, 80, from ground to summit 

(Z=0.00/ 12.47/ 23.96/ 29.84 m) 

 

Accelerations’ measurements will be performed contemporary, in 
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the three outer annular rings, from external to interior, along vertical 

lines, in direction radial, transversal and vertical, for the subsequent 

signal analysis to evaluate in the range 110 Hz: a) modal shapes, b) 

amplification factors, c) vulnerability indexes. 
 

11.2. Velocimeters tests 

 
Figure 63a. Seismograms at RA XLVII by tests  top and bot, during the transit of the 

train in the underground. 

 

 
Figure 63b. Seismograms at RA XLVII by analyses top and bot, during the transit of 

the trains in theMetro B. 

 

The unique damping test is found in the paper [24], where the rec-

ords obtained during the train transit are shown in Figure 63, corre-

sponding to radial access XLVII.  

The transit of the train is apparent at the basement alone. Moreover 

there is an amplification over the whole time range going from the 

basement to the top of the wall, between maximum velocities, from  

0.0020 mm/s to 0.0060 mm/s, with amplification factor 3.0.  
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A preliminary study developed [48], concerning the interaction be-

tween the incoming seismic wave-field and the structure of Colosse-

um during main shock and aftershocks of the 6 April 2009 M 6.3 

L’Aquila earthquake.  

 
Figure 64. Placement of n. 1 hole at North of Colosseum. 

 

Velocities’ measurements by permanent seismic station in the soil un-

derlying Colosseum  and on various level from hypogeum (Z=-6.50 

m) to the summit of the Colosseum (+48.02 m), with the purpose to 

record contemporary eventual microtremors, emerging from noise vi-
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brations, in order to calibrate the matrix of damping coefficients of 

soil Colosseum dynamic linear interactions; N. 1 vertical hole is 

planned as in Figure 64, up the depth of 120 m, in each hole will be 

inserted n. 3 instruments at the depth of 40 m, 80 m and 120 m. 

Data are sampled at a rate of 1000 Hz, using 24-bit analog-to-digital 

converters, and time synchronism is provided by a Global Positioning 

System system at each station.  

The records will come from one of the array stations (VSC) and an-

other station (GRB) installed about 2 km east of the array (by coinci-

dence, both stations are close to a line from the L’Aquila region to the 

Tiber River valley stations).  

GRB lays above the Pleistocene pyroclastic sequence and the underly-

ing, older sedimentary deposits of the Paleo-Tiber River. VSC and 

GRB provided good-quality acceleration time histories during the 

L’Aquila seismic sequence, being also equipped with acceleration 

transducers 

 
Figure 65: (a) Map of the study area of Rome showing seismological stations (cir-

cles) that have been in place since 2008; stations with red circles.  

 

11.3. New vehicles 

 

Analysis of multibody models will be performed for: 

a) trains with rubber wheels; 

b) trains with skates for Magnetic Levitation (MagLev) on the same 

paths of Metro B and C; 
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c) vehicles on the surrounding road. 

 

12. Conclusions 

 

Some experimental and analytical researches are shown, performed 

on Colosseum in the past. 

They constitutes the proposal of a new interdisciplinary methodology 

devoted to the development of a 3D FE model for the deterministic 

control of external actions on the monument. 

Many Institutions were involved in DISS research, they are: CNR, 

ENEA, INGV, SDR, Universities of Rome and L’Aquila, from 

France, Spain, Portugal, with DISS Conferences on 2010, 2012, 2013 

and 2015. 

Up to the second millennium, only personal experience was available; 

in the present third millennium, the PC are at disposal for the heavy 

analyses of complex monuments.  

We are interested on tests devoted to 3D DISS model, not to generic 

tests.  

The proposed 3D DISS model with accuracy less 5%, may become a 

deterministic tool for the control of new interventions on the monu-

ments. 
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Abstract 
Most recent studies about the dynamic behavior of the leaning 

Tower of Pisa which consider soil-foundation-structure interaction 

date back to twenty years ago. From 1999 to 2001, the foundation of 

the monument was consolidated by means of under-excavation and 

the "Catino" at the basement was rigidly connected to the foundation. 

Meanwhile, significant progresses have been made in the field of ear-

thquake engineering. Therefore, the need exists to assess the dynamic 

behavior of the Tower in light of the novelties occurred in the past de-

cades. In the present study, the mechanical characteristics of the foun-

dation have been calibrated comparing the outcomes of the experi-

mental dynamic monitoring with the results of the finite element anal-

ysis performed on a simple but effective model. Scenario earthquakes 

for return periods equal to 130 and 500 years and some preliminary 

results of the Array 2D test performed on the Square of Miracles are 

also presented. 
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1.  Introduction 
 

  The Leaning Tower of Pisa was built between 1173 and 1340, and 

many interventions were made during the construction in order to al-

leviate the inclination. Extensive instrumental investigations started 

only in 20th century, as illustrated in [1]. Direction of the maximum 

inclination lies in the North-South plane. From the beginning of 1999 

until the first half of 2001, an extensive intervention of under-

excavation was also made – which stopped the increment of Tower’s 

tilt – and the "Catino" was connected to the foundation. In April/May 

2002, a drainage system was set up to lower the underground water 

level, whose fluctuations were considered the main cause of variations 

in the inclination of the Tower. The history of the interventions is de-

scribed in [2]. The first study that took into account the soil-structure 

interaction was presented by Grandori and Faccioli [3]. A second 

study was made by ISMES [4-5]. The present study aims at updating 

and improving the structural characterization of the leaning Tower of 

Pisa using its earthquake-induced experimental response [6]. In doing 

so, special attention has been paid on the identification of the parame-

ters that regulate the dynamic response of the foundation, calibrated 

using the results of the available geophysical tests. An Array 2D was 

performed to investigate at major depths the soil underlying the Tow-

er.   

  A simplified model of the soil on the basis of its dynamic proper-

ties has been elaborated using the formulations proposed by Wolf [7] 

and Mylonakis and Gazetas [8]. Hence, a finite element (FE) model 

that takes into account the inclination of the structure has been elabo-

rated, by assuming the position of the centroids reported in the work 

by Macchi and Ghelfi [10]. The numerical values of the impedances 

have been calibrated in such a way to reduce the distance between the 

natural frequencies identified experimentally and those obtained from 

the FE analysis.  

  Finally a synthetic evaluation of the seismic input by means of a 

hybrid method that combines the Probabilistic and the Deterministic 

Seismic Hazard Assessments is presented. 
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2.  Soil-Structure Interaction 

 

2.1. Dynamic parameters of the soil 

 

  Fig. 1 shows a comparison between different geophysical tests per-

formed to determine the shear wave velocity profile Vs: Down Hole 

(DH) test [3] done in 1993, Cross Hole (CH) test done in 2000 [4], 

DH and CH tests done in 2005 [11], and a SMDT test done in 2015. 

All of these arrived at a maximum depth of 40 meters, with the excep-

tion of  CH 2000 which reached 65 meters depth. None of the tests 

was successful in identifying the bedrock. The comparison between 

these tests highlights a satisfactory agreement, showing very close 

values of Vs. 

 

 
Figure 1. Comparison of geophysical tests to assess the shear wave velocity Vs 
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  On the basis of these evidence, the soil underlying the Tower is 

modelled as homogeneous half-space. The parameters of the half-

space, the mass density ρ of the soil and the Vs value are the average 

of the first 35 meters. The mass density of the soil is obtained by the 

specific weight reported in the study of Viggiani [11]. For small de-

formations, the shear modulus can be evaluated using G0=ρ Vs2, 

which provides G0=77326 kN/m2 (ρ=18.7 t/m3). Another important 

parameter of the soil is the Poisson coefficient. For dynamic condi-

tions, when the soil is saturated by water, it is possible to assume 

ν=0.5.        

                                                                                       

2.2. Impedance matrix 

 

  In linear elastic analysis, the soil-structure interaction depends on 

two different contributions, namely the kinematic interaction and the 

inertial interaction. In case of shallow foundations, as it is the case of 

the Tower of Pisa, the kinematic interaction could be neglected and 

the inertial interaction alone can be considered. In structures with em-

bedded foundations, the horizontal forces cause rotational motion. In 

such circumstance, the off-diagonal elements of the impedance matrix 

Kx-ry and Ky-rx are nonzero [9]. For shallow foundations, these off-

diagonal elements are negligible. The aim of this part of the work is 

the evaluation of the diagonal elements of the impedance matrix, 

which are Kux, Kuy, Kuz (translational) and Kϕx, Kϕy, Kϕz (rota-

tional).  

  In order to evaluate the impedance matrix, it is sufficient to com-

pute the values of the static stiffness of the foundation. The expres-

sions given in the literature [7] consider a disk foundation. There are 

two parameters that can affect the value of the impedances, i.e. the ra-

dius of the foundation R and the modulus of elasticity of the soil G. 

The foundation of the Tower is ring-type, the resulting impedances are 

obtained using an equivalent ring radius evaluated as the difference 

between the external radius and the internal radius. In this work, two 

cases are considered, namely the ring foundation alone and the ring 

foundation with the "Catino. The "Catino" is assumed rigidly linked to 

the foundation with regard to translation and torsion. It is important to 

highlight that the constraint between the "Catino" and the Tower is 
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uncertain because it is basically due to the frictional contact between 

the two bodies, but there is a tensioned radial system, too (Fig. 2).  

 
Table 1. Values of the dynamic impedances  

  
Foundation alone Foundation with "Catino" 

Degree-of-freedom G [kN/m2] 77326 95000 77326 95000 

Translation E-W Kux 3.11E+06 3.83E+06 4.23E+06 5.19E+06 

Translation N-S Kuy 3.11E+06 3.83E+06 4.23E+06 5.19E+06 

Vertical Kuz 4.67E+06 5.74E+06 4.67E+06 5.74E+06 

Rotation x Kϕx 3.83E+08 4.71E+08 3.83E+08 4.71E+08 

Rotation y Kϕy 3.83E+08 4.71E+08 3.83E+08 4.71E+08 

Torsion Kϕz 3.83E+08 4.71E+08 8.01E+08 9.84E+08 

 

  The "Catino" has a high stiffness in its own plane (with regard to 

translational and torsion) while it has a lower stiffness for out-of-plan 

rotations. Two cases are considered for the estimation of G. In the first 

one, the modulus of elasticity is obtained with the nominal values re-

ported within the Sub-section 2.1.  

 

 

Figure 2. Structural connection between the "Catino" and the tower foundation [2] 

 

  In the second case, it is assumed G=95.000 kN/m2, which allows to 

obtain numerical frequencies very close to those identified experimen-
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tally. Table 1 provides the obtained values of the dynamic impedanc-

es. 
 

3.  Array 2D test in the Square of Miracles: first results 

 

  An Array 2D test (F-K method) was performed in November 2015 

in order to investigate the soil underlying the Tower at major depths, 

with the purpose to identify a more rigid layer than those identified in 

the past geophysical tests. 

  This kind of test is based on microtremors or ambient vibrations 

caused by natural sources (e.g. wind) or antropic sources (e.g. traffic). 

Ambient vibration are mainly formed by surface waves and are  char-

acterized by low frequency waves which allow to obtain informations 

on deep soil investigation, reaching hundreds of meters, while the de-

tail of the results close to the ground surface is low for the lack of high 

frequency waves.   

 

  
Figure 3. Geometry of the test (left); Soil profile obtained by Array 2D test (right) 

 

Vs≃600 m/s 
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  The Array was formed by 9 seismic stations with a triangle geome-

try and a central station. The geometry of the Array (Fig. 3) was cali-

brated to maximize the resolution of the test. The sensors used for the 

test are three components 5s Lennartz velocimeters. 

  The records were processed to obtain the experimental dispersion 

curve, from which it is possible to obtain a shear velocity profile. 

 First analyses on recorded data show the presence of a more rigid 

layer (VS≃600 m/s) at a depth of about 120 m, as it is shown in Fig.3. 

This is a new result since past tests arrived at a maximum depth of 65 

m. 

  Single station analysis was performed within the same test in order 

to evaluate H/V spectral ratios, finding a resonance peak at 1,3 Hz, 

which can be related to the interface at 40 meters depth. The reso-

nance peaks are slightly different from a previous study carried on by 

Castellaro and Mulargia, which found a resonance peak at 1,1 Hz [9]. 

Another peak, related to a deeper layer, was identified at 0,3 Hz. Fig.4 

shows H/V curve with the identified resonance peaks. 

 

 
Figure 4. Resonance peaks of H/V spectral curve for a single station 

 

4.  Experimental frequencies 

 

 The seismic records  were analyzed using different techniques, such 

as Fast Fourier Transform (FFT), Continuous Wavelet Transform 

(CWS) and the Wavelet Cross Spectrum (WCS). Figure 5 reports the 
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CWT of a 3-component signal recorded during 2012 seismic event. 

  The analyses allowed to identify the modal frequencies of the first 

three modes of the Tower. The first two are bending modes in N-S and 

E-W direction, respectively, both with a frequency around 1 Hz. The 

third is a vertical mode with a frequency around 3 Hz. 

  This is a quite new result since the only evidence in literature in 

presented in Nakamura [10].  

 

 

Figure 5. CWT of the recorded tower response 

 

5.  Finite element model and modal analysis 

 

5.1. Numerical model 

 

  A simplified FE model was elaborated using the program 

SAP2000. It consists of 14 elements and 16 nodes, with 6 degrees of 

freedom per node. Assumptions and input data used for the model are 

the following: 

 for each "Ordine" (level) of the Tower, the coordinates of the cen-

troid were defined according to the work by Macchi and Ghelfi 

[11]. Only the inclination in the North-South plane was considered 

whereas the inclination in the East-West direction was neglected; 

 for each centroid, 3 translational masses and 3 rotational masses 

were defined; 
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 area and moment of inertia were assigned to each level of the 

Tower. Geometric parameters are taken from the work by Gran-

dori and Faccioli [3]. They are homogenized by assuming the 

whole sections made of marble of San Giuliano (the material of 

the walls of the Tower), which has a modulus of elasticity 

E=80,000 MPa; 

 at the base of the model were assigned 3 translational springs and 

3 rotational springs, for which the impedances reported in Table 1 

are considered. 

 

5.2. Modal analysis 

 

  Four frequencies have been identified from the experimental dy-

namic response of the Tower under seismic loading [6]. Table 2 shows 

the comparison between the results of the modal analysis and the fre-

quencies obtained experimentally. It is possible to observe that, for a 

nominal value of G=77326 kN/m2, the frequencies obtained by con-

sidering the foundation alone and the foundation with the "Catino" are 

0.873 Hz and 0.884 Hz, respectively.  

 
Table 2. Comparison: numerical and experimental frequencies  

  
Foundation alone Foundation with "Catino" 

Experimental 

mode 

Experimental 

frequency [Hz] 

G=77326 

[kN/m2] 

G=95000 

[kN/m2] 

G=77326 

[kN/m2] 

G=95000 

[kN/m2] 

Bending N-S 0.958 Hz 0.873 Hz 0.958 Hz 0.884 Hz 0.971 Hz 

Bending E-W 1.025 Hz 0.873 Hz 0.958 Hz 0.885 Hz 0.971 Hz 

Vertical 2.98 Hz 2.822 Hz 3.12 Hz 2.829 Hz 3.128 Hz 

Torsional 6.29 Hz 4.309 Hz 4.729 Hz 5.925 Hz 6.432 Hz 

 

  A sensitivity analysis based on the modulus G has been performed 

to look for a better agreement with the experimental evidences. A sat-

isfactory result was found for G=95.000 kN/m2, which leads to a natu-

ral frequency equal to 0.958 Hz for the first and the second (bending) 

mode whereas the frequency calculated for the third (vertical) mode 

was found equal to 3.12 Hz.  
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6.  Model updating 

 

The model updating has been performed on the elements of the im-

pedance matrix of the foundations in order to obtain an improved 

agreement between the natural frequencies estimated experimentally 

and those obtained from the modal analysis (Table 3).  

  The model updating has been performed using a genetic algorithm 

and considering the experimental frequencies only. Actually, the lim-

ited number of measurement points does not allow to reconstruct the 

mode shapes.   

 
Table 3. Experimental - numerical frequencies after model updating  

Experimental  mode 
Experimental frequency 

[Hz] 

Case 1 

frequency [Hz] 

Case 2 

frequency [Hz] 

Bending N-S 0.958 0.950 0.963 

Bending E-W 1.025 1.025 1.015 

Vertical 2.98 2.964 2.980 

Torsional 6.29 6.294 6.270  

  

7.  Seismic input 

 

7.1. Response spectra  

 

  The seismic history of the area of Pisa was studied by Grandori and 

Faccioli [3], pointing out that an intensity VI in the MCS scale (the 

maximum experienced by this area) occurred four times within a time 

window of 700 years (1280-1980) without causing major damages to 

the Tower and to other buildings. However, it was able to cause mi-

cro-damage to the masonry of the Tower. Starting from the correlation 

between MCS intensity and return period, a return period of 130 years 

was stated for an intensity VI. This intensity corresponds to a peak 

ground acceleration (PGA) equal to 0.07g (see for example [13]). For 

the intensity VII – never occurred within the Pisa’s area – the return 

period is 500 years and the PGA is 0.12g. In this work, the seismic in-

put has been studied by means of a much modern approach in terms of 

response spectrum and acceleration time histories. SP96 [14] and Ak-

kar and Bommer 2010 [15] have been selected as Ground Motion Pre-
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dictive Equations (GMPE). Uniform Hazard Spectra (UHS) were 

computed for return periods of 130 years and 500 years using these 

predictive equations. The disaggregation of the hazard has been ac-

complished in order to look for seismic events (characterized by cer-

tain values of M and R) able to produce the expected intensities. The 

results of the disaggregation can be used to find controlling earth-

quakes. By studying the Italian seismic catalogue CPTI11, it has been 

possible to find two controlling earthquakes. They are reported in Ta-

ble 4. 

Table 4. Controlling earthquakes for intensities VI and VII 

Earthquake Return period Magnitude Ep. Distance [km] 

Livorno 1742 130 years 5.15 19 

Orciano Pisano 1846 500 years 5.71 21 

 

  Fig. 6 shows the comparison between deterministic and probabilistic 

response spectra obtained for class site A (rigid soil).   

 

 

Figure 6. Comparison between DSHA and PSHA response spectra for class site A 

considering two different return periods, i.e. 130 years (left) and 500 years (right) 

 

  For a return period equal to 130 years, the deterministic response 

spectrum is computed with the median value of the GMPE plus 0,5 σ. 

For a return period equal to 500 years, the median value plus 1 σ was 

assumed.    

  This is a necessary step because the uncertainty must be added in 

the deterministic assessment. Conversely, it is automatically included 

in the GMPE for the probabilistic assessment. 
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7.2. Acceleration time histories 

 

The deterministic response spectra have been used as "target" spectra 

to select two sets of spectrum-compatible accelerograms. Time histo-

ries from ITACA-INGV database for class site A and B with Vs>600 

m/s have been selected considering 5<M<5.5 for 130 years return pe-

riod, and 5.3<M<6.2 for 500 years return period. 

  Time histories have been scaled so that the average spectrum of 

each set of accelerograms well approximates the target spectrum. This 

task has been accomplished using In-Spector software [16]. The scal-

ing was made in the range of the fundamental periods 0.3 s-1.1 s in 

order to take into account the periods of the first two bending modes 

(about 1 s) and that of the third (vertical) mode (about 0.3 s), see Fig. 

7. The seismic input to be used in the dynamic assessment must be de-

fined through a local site response analysis (e.g., using the software 

DEEPSOIL). This analysis can be accomplished only if the shear 

wave velocity profile and the depth of the bedrock are known. As a 

consequence, it would be necessary to perform some new geophysical 

tests in order to estimate the depth of the bedrock.   

 

 

Figure 7. Acceleration time histories for class site A considering two different  

return periods: scaled-130 years (top right), scaled-500 years (bottom right) 

 

8.  Conclusions 

 

  Preliminary results about the characterization of the soil-

foundation-structure interaction of the leaning Tower of Pisa have 

been presented in this study, together with the definition of the seismic 
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input. The identification of the stiffness properties of the foundation 

has been performed using different initial analytical formulations and 

by means of model updating. A hybrid approach has been implement-

ed to estimate the expected local intensities at the site, in terms of re-

sponse spectra and acceleration time histories.  

  The study allowed to identify two bending modes with frequency 

of 1 Hz, respectively in N-S and E-W direction, and a vertical mode 

with frequency of 3 Hz. 

  The Array test performed in the Square of Miracles allowed to find 

a rigid layer (VS≃600 m/s) at a depth of about 120 meters. H/V ratio 

curves show a resonance peak at 1,3 Hz. 

  Ongoing works regard the local site response analysis and the as-

sessment of the dynamic response of the Soil-Foundation-Structure 

system.   
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Abstract 
This paper presents a study aiming at assessing the seismic safety 

and developing the rehabilitation design of a masonry retaining wall, 

known as Bastione Farnesiano, and placed around the Palatinum hill, 

in the central archeological area of Rome, in Italy. It is a singular arti-

fact of its kind and hardly identifiable with known stereotypes or con-

structive models. The phase of survey, together with both the material 

and degradation analyses, showed the impossibility to define with cer-

tainty some features, even geometrical, of the monument, necessary to 

reach a judgment about its safety. Therefore, it was necessary to for-

mulate the risk assessment problem by taking into due consideration 

all uncertainties and evaluating them in probabilistic terms. A simple 

mechanical model, considering different and alternative collapse 

modes, was developed and, after characterizing the uncertain parame-

ters in probabilistic terms, Monte Carlo simulations were carried out. 

Based on the obtained results: a) the value of the current risk index 
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has been determined, and b) a sensitivity analysis has been performed 

in order to identify the parameters that mostly affect the monument 

safety. This analysis has provided useful information that has allowed 

to orient the seismic amelioration design strategy by acting on one of 

the parameters that have greater impact on the risk reduction. 

 

1. Introduction 

 

1.1 Geographical and historical overview 
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Figure 1. Urban localization:  

a) general view of the central archaeological area of Rome; b) Bastione Farnesiano 

(with indication of the viewpoints represented in Fig. 2). 

 

The central archeological area of Rome, in Italy, is limited (Fig. 1):  
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at the north-east by via dei Fori Imperiali (Imperial Forums street), at 

the south-west by the Circus Maximus, at the north-west by via del 

Teatro di Marcello (Theatre of Marcellus street), and to the east by via 

di San Gregorio. 

  In this area is located the Palatinum, which is a hill composed of a 

topsoil lying on a bench of volcanic tuff whose actual content, in 

terms of hidden remains, stratified and attributable to different ages, 

has not been completely clarified yet, neither excavated.  
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Figure 2 The Bastione:  

a) by via di San Teodoro; b) and c) along the Clivo della Vittoria; d) accessing from 

one of the arches; e) and f) Passeggiata dei Cipressi located at a height of 43 masl 

(meters above sea level). 

 

  Atop the Palatinum hill, are located the remains of the Farnese 

familiy’s Gardens (Horti Palatini Farnesiorum), that were made in the 

XVI century at the behest of Alessandro Farnese. Among these re-

mains, there is the so-called Bastione Farnesiano (Fig. 1b), which is 
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part of the fortified retaining wall originally enclosing the homony-

mous gardens. In fact, originally, the Farnese Garden was delimitated, 

on three sides, by a continuous retaining wall. Due to the partial de-

molitions planned and implemented by Lanciani in 1883 (Iacopi et al 

1985), the only stretch of that retaining wall still standing nowadays is 

the side to the north-west, overlooking the Horrea Agrippiana 

(Fig. 1), and known as Bastione Farnesiano. It constitutes the north-

west prospect of the Domus Tiberiana and can be seen from via di San 

Teodoro (Fig. 1 and 2a).  

  This retaining wall identifies two promenade walkways parallel to 

it, that are: 1) the south-east one, uphill, and known as Passeggiata dei 

Cipressi, (Figs. 1, and 2 e-f), and 2) another at the north-west, down-

hill, known as Clivo della Vittoria (Figs. 1 and 2b-c). The former is a 

flat promenade located at a height of 43 meters above the sea level 

(masl) while the latter starts from a height of 28.7 masl and climbs up 

to a height of 32.16 masl. At the height of the Clivo della Vittoria are 

located the archeological structures of the late-Republican age on 

which the retaining wall Bastione Farnesiano was founded (Monaco 

1998). This situation, however, is the result of the 19th Century exca-

vations, which changed the topographic features of this area. In fact, 

the oldest vestiges of the late-Republican age, characterized by a regu-

lar and continuous system of buttresses leaning against the tuff hill at 

the level of Clivo della Vittoria, were brought to light in that period. It 

is for this reason that the Bastione, which in early representations ap-

peared to be founded directly on soil (Fig. 3), today can be seen lying 

on the Late Republican Archeological structures (Fig. 2). Based on 

both bibliographic and archival studies (Archivio di Palazzo Altemps), 

it was possible to reconstruct the morphological evolution through the 

years of the north-west hillside, going backwards up to the middle of 

the 18th century, in order to investigate the possible implications on 

both the static and geotechnical equilibrium of the monument (Fig. 3). 

  In the eighties of the 20th century, the south west portion of the 

backfill of the Bastione was subject to some excavations campaigns 

(Tomei 1994), so the original backfill was substituted by loose tuff 

stones of various shape and size. This has contributed to change the 

value of pressure exerted on the wall back face, with static implica-

tions. Only the most south-western portion of the monument under-
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went a collapse (Fig. 1b), between 1818 and 1829, and was subse-

quently subject to some restoration interventions (Calabresi et al. 

2007). 
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Figure 3. Section reconstructive of the profile and historical images. 

 

1.2 Diagnostic stages 

  A survey by laser scanner was carried out to investigate the geome-

try of the monument. In fact, detecting geometric details by means of 
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direct methods would have meant long surveying times and significant 

operational difficulties, given both the extension of the front surface 

and the complexity of the underlying archeological structures. The 

survey was done in one day only and involved, both structures over-

looking the Clivo della Vittoria, and the so-called Passeggiata dei Ci-

pressi at the level above .  
a

b

 
Figure 4. Geometrical survey by laser scanner: 

a) cloud of points, and b) horizontal and vertical sections. 

 

  A cloud of points was first obtained (Fig. 4a) from which a series 

of both horizontal and vertical sections of the retaining wall profile 

were subsequently extrapolated (Fig. 4b), together with a series of ge-

ometrical details. The wall extends for a length of 71 meters and is 6 

meters high, excluding the parapet whose height is 1.5 meters. How-

ever, it was not possible to determine the thickness of the wall with 

precision since the presence of the tuff stones backfill prevented a pre-



Ad hoc Analytical Equations and Probabilistic Treatment of Uncertainties.. 149 

cise surveying. In fact, it was determined only by means of previous 

drawings and historical images (Archivio di Palazzo Altemps). 

  The subsequent two phases were: 1) the study of the nature of the 

constituent materials of the monument, and 2) the analysis of their 

degradation. The wall surface today is completely plastered, due to the 

1986 restoration by Martines (Vitti 2006). However, the nature of the 

masonry fabric was ascertained by means of: 1) direct observation of 

the underlying wall in correspondence of some points where plaster 

resulted detached, 2) direct survey of the back of the wall in corre-

spondence of the north-eastern extremity in which the tuff backfill is 

not present (Fig. 2a,d), and 3) archival documents (Archivio di 

Palazzo Altemps). It resulted that it is made, throughout its extension, 

by irregularly shaped stones of local tuff and sporadic inserts of regu-

lar courses of clay bricks. These latter are coarsely enticed by a poz-

zolanic mortar, which is characterized by brownish-colored aggregates 

of varying size. All the materials of which it is made were suitably 

cataloged (Fig. 5) and sampling cards were drawn. These were subdi-

vided by the following typologies: “stone-like artificial material plus 

natural material”, “natural stone materials” and “plasters” (Fig. 5). 

Due to the importance of the monument and to the severe restrictions 

imposed by the Superintendence for Rome’s Architectural Heritage, 

other and more accurate objective tests could not be carried out during 

the study presented herein.  

  As to the state of conservation of the monument, it was evident that 

it presents a state of widespread degradation on the two-thirds of its 

planar extension, right in correspondence to the zones where random 

tuff rubble backfill is present (Fig. 2d). In fact, due to the moisture 

content, the presence of the backfill is the main cause for the degrada-

tion of: a) the material constituting the wall, and b) the relevant plas-

ter. In compliance with the Recommendations 1/88 issued by the Ital-

ian National Research Council (CNR and ICR 1990), a mapping of the 

degradation of the entire wall was carried out by identifying each al-

teration and degradation of the materials. The recording cards were 

compiled according to the two different types of degradation identi-

fied: physical and biological (Fig. 6). On the front surface of the Bas-

tione the most common degradations found are: a) disruption, b) de-

tachments, c) crust formation, d) superficial deposit, e) efflorescence, 
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f) leaching. All of these pathologies are attributable to the moisture 

content of the backfill, which is in direct contact with the wall back 

surface, and to an incorrect drainage. On the basis of the analyses 

above, a restoration plan was developed in order to single out, for each 

pathology, the necessary relevant interventions aimed at removing it, 

thus preserving the monument. 

  Ultimately, by means of the laser scanner, it was also possible to 

ascertain the presence of superficial micro-cracks that start vertically 

in the top part of the wall and curve, progressing downwards.  
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Figure 5. Excerpt of the material analysis. 

 

  These latter led to assume the possible occurrence of fracture sur-

faces, corresponding to the minimum of the potential fracture energy, 

of parabolic shape. Moreover, due to the state of degradation sur-

veyed, each of the three zones singled out on the wall front view, was 
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assigned a degradation coefficient, ranging from  to  

and corresponding to total disruption and intact material, respectively.  

  In particular: a) zone 1, with , was attributed the 

value , b) zones 2 and 3, with  and 

 respectively, was attributed the value of 

. Those values of  were adopted to modify the mechanical 

properties of the constitutive masonry accordingly, as further specified 

hereinafter.  
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Figure 6. Excerpt of the degradation analysis. 

 

  Ultimately, by means of the laser scanner, it was also possible to 

ascertain the presence of superficial micro-cracks that start vertically 

in the top part of the wall and curve, progressing downwards. These 

latter led to assume the possible occurrence of fracture surfaces, corre-

sponding to the minimum of the potential fracture energy, of parabolic 
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shape. Moreover, due to the state of degradation surveyed, each of the 

three zones singled out on the wall front view, was assigned a degra-

dation coefficient, ranging from  to  and corre-

sponding to total disruption and intact material, respectively. In par-

ticular: a) zone 1, with , was attributed the value 

, b) zones 2 and 3, with  and 

 respectively, was attributed the value of 

. Those values of  were adopted to modify the mechanical 

properties of the constitutive masonry accordingly, as further specified 

hereinafter. 

 

2. Mechanical modelling for seismic evaluation 

 

2.1 Premises and assumptions  

 

  The present work deals with the seismic safety assessment and 

amelioration of this monument for which, given all the uncertainties 

involved, it was necessary to develop an ad-hoc calculation methodol-

ogy. 

  Masonry can be dealt with, generally speaking, by either a discrete 

or a continuum mechanics approach (e.g. Lourenço 2013). The former 

approach consists of the micro-modelling of the individual compo-

nents (e.g. Lemos 2007), units and mortar, while the latter consists of 

the macro-modelling of masonry as a composite, requiring the selec-

tion and implementation of suitable homogenization techniques (e.g. 

Lourenço et al. 1998, 2007) to obtain the overall (plastic) constitutive 

law. Elements can be modelled as either deformable Finite Elements 

(FE) or Rigid Blocks (RB) and, moreover, Limit Analysis can be im-

plemented. This latter, and in particular the macro-block limit analy-

sis, has been proven to be one of the most powerful techniques for en-

gineering practice, due to the suitable compromise between relative 

simplicity and prediction accuracy (e.g. Lourenço et al. 2011, Baggio 

and Trovalusci 1998, 2000). However, when the limit analysis is ap-

plied to a predefined collapse mechanism of infinitely resistant rigid 

blocks, considering the presence of friction at either internal or exter-

nal joints, further complications arise. In fact, in such cases, due to the 
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presence of friction, the normality rule of plastic flow to the yield con-

stitutive surface does not hold, thus implying the loss of the Drucker 

stability postulate and consequently the loss of the solution unique-

ness. In such cases, in general, a range of possible solutions can be 

found (Drucker 1953): the upper bound value for the horizontal col-

lapse multiplier can be obtained by considering the presence of dila-

tancy instead of the Coulomb friction, while the lower bound by con-

sidering null friction angle. More recently, other authors (e.g. Sassu et 

al. 2013) have assumed as upper bound the value directly obtained by 

considering the Coulomb friction. Proposals of simplified strategies to 

overcome this drawback, for more complicated cases, can be found in 

the literature (e.g. Livesly 1978, Gilbert and Casapulla 2006). 
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Figure 7. Schematics of the cases according to which friction was modelled, with 

reference to the linear kinematic limit analysis of the simple overturning mechnism: 

a) Coulomb friction, b) cohesionless dilatancy, and c) null friction coefficient. 

 

  In the present work, it was assumed that fracture surfaces occur in 

the wall in the shape of a parabola (Fig. 8). Due to its large dimen-

sions, the overturning of the entire wall is deemed highly unlikely. On 

the contrary, it is reasonable to expect that it would fail by small por-

tions, also due to its poor mechanical properties. Ad hoc equations 

were developed (Di Miceli et al. 2016), for both simple and composed 

overturning, to be implemented in the framework of the limit analysis, 
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applying the virtual work principle (Circolare Esplicativa n°617 - 

§C8A.4, Eurocode 8-part 5).  

  In the calculations, the following assumptions were made: 1) even 

though the actual transversal section of the wall is trapezoidal, it was 

rectified by the average rectangle; 2) the distribution of tangential 

stresses  and the vertical stresses  have been assumed con-

stant along the wall thickness (i.e.  and ); 3) 

the possibility of interpenetration of matter, mainly in the case of the 

compound overturning mechanism, was neglected. The last two as-

sumptions are supported by the fact that actually we are carrying out a 

linear kinematic analysis, in the ambit of the limit equilibrium, thus 

writing the virtual work with respect to the initial, undeformed, con-

figuration. 

  Finally, for the frictional resistance along the parabolic fracture sur-

face across the wall, three cases were assumed, that are (Fig. 7): 1) 

Coulomb friction along both external and internal fracture surfaces, 2) 

dilatancy in place of Coulomb friction, in order to restore the rule of 

normality of the plastic flow to the yield surface, and 3) null friction 

angle, thus restoring the normality rule by acting on the yield surface, 

differently than in the previous case. 

 

2.2 Simple overturning failure mechanism  

o

O

y

x

Y

X

a b
 

Figure 8. Parabolic portion of the wall during incipient collapse  

a) simple, and b) composed overturning. 
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The simple overturning was the first failure mechanism analyzed, 

considering parabolic-shaped wall portions that undergo a rigid rota-

tion as a consequence of the seismic action (Fig. 8). 
 

2.2.1 Parabola input parameters 

 

  The weight of the parabolic portion wall is (Fig. 9):  

 

(1) 

where  is the coefficient of the second-order term;  the height of 

the parabola;  the wall thickness; and  the masonry unit weight.  

    
  

 
 

 
  

 
  

  

 
 

 

 

 
      

       

 
Figure 9. Schematics of the parabolic portion of the retaining wall. 

 

  The parabola centroid has ordinate: 

 

(2) 

where  is the static moment. 

 

2.2.2 Pressure of the soil behind the wall 

  The weight of the soil wedge is (Fig. 10): 

 
(3) 

where  is the soil wedge volume and  the soil unit weight. 
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The position of the centroid of the soil wedge  is given by: 

 

(4) 

a b

 
Figure 10. Schematics of the parabola: 

wedge soil on the back of the parabolic shaped wall portion. 

 

2.2.3 Frictional resisting mechanism 

 

  In the equilibrium assessment of the parabolic portion of the wall 

subject to simple overturning, the frictional resisting contribution, 

modelled by the Coulomb Law, and arising along the parabolic frac-

ture surface, has also been taken into account (Fig. 11). 

  The unitary frictional force, for a slice of unitary length along the 

-axis, is: 

 (5) 

where  is the tangential stress, and  are the masonry cohe-

sion and friction angle respectively. 

 

2.2.4 Incipient collapse 

   

The horizontal seismic force that activates the overturning mecha-

nism is defined by means of the horizontal loads multiplier , which 

is the mechanical ratio of the work done by the stabilizing forces with 

respect to the work done by the overturning forces, in accordance to 

the Virtual Work Principle (Circolare Esplicativa n°617): 
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(6) 
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Figure 11. Frictional resisting mechanism on the parabola contour:  

a) front view, and b) detail. 

 

  The stabilizing work is given by: 

 

(7) 

  The stabilizing work of the internal forces is: 

 

(8) 

  In the case in which friction is accounted for by means of cohesion-

less dilatancy, the stabilizing work of the internal forces is given by: 
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where  is the dilatancy angle, with . 
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  The overturning works is obtained as the product of the weight of 

the wall in Eq. (1), by the horizontal virtual displacement of the rele-

vant application point given by Eq. (2):  

 

(10) 

  Finally, the overturning work done by the soil pressure is given by: 

 
(11) 

  So, the vertical load multiplier  becomes: 

 
(12) 

 

2.2.5 Evaluation of the capacity 

 

  The value  of the spectral seismic acceleration can be evaluated 

as follows (Circolare Esplicativa N°617): 

where  is the Confidence Factor, function of the Knowledge Level 

( );  is the gravity acceleration; and  is the participating mass, 

which can be evaluated by (Circolare Esplicativa N°617): 

 

 

(14) 

 

2.2.6 Demand evaluation and assessment 

  Since the local overturning mechanism regards a small portion of 

the entire wall, which is placed at a certain height from the ground 

(Fig. 12), in the evaluation of the acceleration demand, the possibility 

that this latter ( ) could be amplified, with respect to the ac-

celeration felt on the ground (at  in Fig. 12), was taken in due 

account. So that the demand acceleration  was calculated as: 

 
(13) 
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(15) 

in which:  is the elastic spectral acceleration, calculated for a 

vibration period of ;  is the shortest vibration period of the whole 

structure in the direction under consideration ( , and );  is the 

behavior factor;  is the minimum depth of the wall, measured 

from the uppermost horizontal contour downward, up to the walking 

level on the Clivo della Vittoria promenade;  is the maximum 

depth;  is the maximum length;  and  are the coordinates of the 

global Cartesian reference system established on the north-western 

surface.  

     

    

    

    

 

 

 
 

 
  

   
no backfill

 
Figure 12. Schematic front view of the entire wall, comprehensive of Bastione  

Farnesiano ( ) and Late-Republican structures 

( ). 

   

The safety verification is fulfilled if the risk index, being the ratio of 

the acceleration demand to the acceleration capacity, is lower than 

unity, that is: 

 
(16) 

 

2.3 Composed overturning failure mechanism: horizontal flexure 

   

Composed overturning was the second failure mechanism analyzed. 

When the parabola-shaped portion of the wall is larger, it is deemed 

more likely that a composed mechanism would occur. Some parabolic 

wall portions were taken into consideration that, not being restrained 

at the top, can fail due to flexure in the horizontal plane of the mason-
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ry prism. The mechanism activation is preceded by the formation of 

two cylindrical hinges: one that is placed along the parabola local -

axis, dividing the parabola in two portions, and another one horizontal 

and passing through the parabola vertex (Fig. 8b).  

 

2.3.1 Parabola input parameters 

 

  Consider only half portion of the parabolic masonry prism. 

  The weight of half parabola is given by: 

 
(17) 

The half parabola centroid  has abscissa (Fig. 13): 

 

(18) 

 
Figure 13. Schematics of the half parabolic portion of the retaining wall:  

definition of the centroid abscissa. 

 

2.3.2 Equation of the straight line tangent to the parabola (rotation 

axis) 

  It was assumed that the rotation axis is: 1) parallel to the straight 

line passing through both the parabola vertex  and the uppermost 

point of the parabola , and 2) tangent to the parabola itself. The rota-

tion axis and the segment  have the same angular coefficient  

(Fig. 14). 

  The equation of the straight line  tangent to the parabola 

is: 
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(19) 

 

2.3.3 Distance of centroid of the half parabola from the rotation axis 

 

  The distance  of the centroid of the half parabola from the rotation 

axis can be evaluated as follows (Fig. 14): 

 
(20) 

 

 

Figure 14. Half parabola: assumed rotation axis and centroid. 

2.3.4 Pressure of the soil behind the wall 

   

The weight of the backfill wedge pushing on the half parabola wall 

surface has equation: 

 

 
(21) 

  The coordinate  of the centroid of such backfill soil volume is: 

 

(22) 
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2.3.5 Distance of the backfill wedge centroid from the rotation axis 

 
  The distance of the centroid of the backfill wedge from the axis of 

rotation is calculated as follows: 

 
(23) 

 

2.3.6 Frictional resisting mechanism 
 

  The unitary frictional force is: 

 (24) 

 

2.3.7 Incipient collapse 

 

  The stabilizing work done by the overturning portion self-weight 

is: 

 

(25) 

  The overturing work acting on the wall was obtained as the product 

of the wall weight (Eq. (17)) by the distance of the centroid (Eq. (20)) 

of half parabola from the rotation axis (Eq. (20)): 

 

(26) 

  Finally, the overturning work of the backfill soil pressure was cal-

culated as the product of the weight of the backfill wedge (Eq. (21)) 

by the distance of the centroid of half backfill wedge from the rotation 

axis (Eq. (23)): 

 
(27) 

  The stabilizing work of the internal forces is (Fig. 15): 

 

(28) 

  In the case in which friction is accounted for by means of cohesion-

less dilatancy, the stabilizing work of the internal forces, considered 
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only along the external perimeter of the detaching parabola-shaped 

masonry prism (Fig. 7) is given by Eq. (9). 

 

2.3.8 Capacity evaluation 
 

  Also for the composed overturning failure mechanism, after deter-

mining the horizontal loads multiplier , the corresponding value of 

the seismic spectral acceleration  was evaluated (see § 3.1.5 of Cir-

colare Esplicativa – Eq. (12)). Then it has been verified that the spec-

tral acceleration of the failure mechanism activation was larger than 

the peak demand acceleration, in order for the safety against the Life 

Safety Limit State (LSLS) to be fulfilled. 

 

 
Figure 15. Frictional and cohesive resisting mechanisms. 

 

3. Monte Carlo Simulations 

 

  Analyses for the seismic assessment of a monument are character-

ized by significant uncertainty that depends on the Knowledge Level 

(KL) attained during the diagnostic phases. In this work, the phases 

of: 1) survey, concerning both geometrical and mechanical parame-

ters, and 2) degradation analysis, highlighted the impossibility to de-

terministically define some characteristics of the monument, indispen-

sable to achieve a judgement on its seismic safety. Therefore, it was 

necessary to formulate the risk analysis in probabilistic terms, which 

means considering some input parameters as random variables. In par-
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ticular, the input parameters that were treated probabilistically are the 

following (Table 1): the parameter  defining the shape of the oc-

curred parabola fracture on the wall surface; the retaining wall thick-

ness ; the masonry unit weight ; the position of the vertex of the 

parabola in the global reference system ; the inclination angle 

 defining the extension of the parabola-profiled backfill wedge, 

which means also the inclination angle of the backfill planar failure 

surface with respect to the vertical plane xy; the backfill unit weight 

; the masonry mechanical parameters, which are the cohesion  and 

the friction angle . All those parameters were characterized (Ta-

ble 1) by a uniform probability distribution, which means a range of 

possible values, each with the same likelihood of occurrence. The in-

terval of values assigned to  contemplates all the parabolic fracture 

shapes that were deemed reasonable, which means that values corre-

sponding to either too slender or too flat parabolic masonry fracture 

surfaces, were discarded. The values assumed for the wall thickness 

were based on the archival drawings retrieved. For both physical ( ) 

and mechanical properties ( , ) of the masonry, the values listed in 

Table C8A.2.1 of the Italian Building Code (NTC2008) for masonry, 

made by irregularly shaped tuff stones, were assumed, and multiplied 

by a coefficient equal to  in order to take into account the presence 

of a good quality mortar.  

Table 1. Input parameters that were treated probabilistically. 

Uncertain Parameters Value Range 

parabola 

a [0,01 - 0,15  1/m] 

s [0,6 - 0,65  m] 

gm [15 - 17  kN/m3] 

 

[0 - 69,5  m] 

 

[9,5 - 16,4  m] 

soil 
 

[20 - 25  °] 

 [13 - 15  kN/m3] 

friction along the 

fracture surface 

c' [42 - 63  kN/m2] 

 

[27 - 35  °] 

 

The values of the global coordinates of the parabola vertex were 

determined in such a way to exclude parabolas laying either on the 
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zone corresponding to absence of backfill ( ) or across 

the two vertical extremities ( , and ). For the parame-

ters  and  were also assumed values, among those found in the rel-

evant literature, deemed reasonable. 

The demand acceleration  was evaluated with reference to the 

location site of the Bastione Farnesiano and in compliance with the 

Italian regulation (NTC 2008). In particular Eq. (15) was applied 

adopting the following values for the input parameters: soil class A, 

peak ground acceleration (evaluated on horizontal bedrock) equal to 

0.121 g, topographic coefficient equal to 1.4, and behaviour factor 

. 

  For each of the two overturning rigid body mechanisms (§ 2), we 

have calculated three values of the collapse multiplier : 1) one as-

suming Coulomb friction with cohesion, 2) one with cohesionless di-

latancy (and assuming ), and 3) one with non-null cohesion 

and null value of the friction coefficient. For each of the obtained val-

ues we have successively evaluated the demand capacity ratio . 

Then, we have selected the minimum and the maximum of these six 

values of  and assumed them as the boundaries of the range of solu-

tions . In the ambit of our methodology herein im-

plemented, then the demand/capacity ratio  has been treated as a fur-

ther random variable and the values contained in the so obtained range 

have been assigned a uniform probability. The worksheet in which the 

model was implemented has been iteratively calculated  times, 

each time assuming a new random range of input parameters values, 

each selected from the relevant probability distribution. At each itera-

tion, the final value of  was sampled among those contained in the 

relevant range ( ). 

A sensitivity analysis was also carried out to assess the importance of 

each input parameter on the calculated value of the ratio between the 

seismic demand acceleration and the capacity, in order to single out 

which are the input parameters mostly affecting the result. 

For this purpose, the developed analytical model, presented in the pre-

vious section, was implemented into a Monte Carlo analysis (Law and 

Kelton 2000, Ang and Tang 1975). 
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As each basic variable was sampled from the relevant probability dis-

tribution, the risk index  given by Eq. (16) was computed. 
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Figure 16. Result of the simulations for the Ante Operam situation: 

sensitivity analysis for a) the Coulomb Friction model, b) for the dilatancy cohesion-

less friction model, and c) for the cohesive frictionless model; d) probability density 

of the Risk index from the analyses results; e) fragility curve. 

 

  Such risk index, being the result of calculations in which all input 

parameters are characterized by a uniform probability distribution, is 

itself characterized by a probability distribution and can be represent-

ed in terms of probability density  (Fig. 16d). The probability of 

collapse  is then the integral of the probability density of the risk in-

dex extended to the range of values of  corresponding to collapse, 

that is: 

 

(29) 

  From the obtained results it was found that the Ante Operam prob-

ability of collapse is equal to .  
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  The sensitivity analysis between the output and the input variables 

was herein carried out evaluating, by the multivariate stepwise regres-

sion method (e.g. Draper and Smith 1966), the regression coefficients 

of the input variables (Fig. 16a-c). The larger the coefficient, the larg-

er the impact that particular input has on the calculated value of the 

risk index . A positive coefficient, with bar extending to the right, 

indicates that this input has a positive impact, which means that, by 

increasing it, the output will increase, while the opposite happens if 

the coefficient is negative.  
 

Section A-A’

A

A’

Filling with dry irregularly shaped tuff 
stones

 
Figure 17. Ante operam situation: section of the Bastione Farnesiano. 

 

 The values of the plotted regression coefficients (Fig. 16) indicate 

the increment of  for a standard deviation of the relevant input. It 

arises that, among the input parameters herein characterized as ran-

dom variables, the one that mostly affects the risk index is the global 

ordinate of the parabola vertex . Anyway, the only input variable on 

which it is possible to act is the backfill unit weight . In particular, 

an increase of the value of  by one standard deviation increases the 

output value, which means the value of the risk index, by  and 

 standard deviations, for the first two modelling strategies adopt-

ed for friction and for the third, respectively. The probability of col-

lapse, is equal to  for the value of peak ground accelera-
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tion equal to . Note also that, by the proposed calcula-

tion methodology, it was also possible to easily calculate the fragility 

curve (e.g. Cattari et al. 2014), providing the probability of collapse as 

function of the value of the peak ground acceleration, as show in 

Fig. 16e. 

 

4. Seismic amelioration  

 

  Given the outcomes of the seismic risk analysis concerning the 

Ante Operam situation, it was decided to remove the existing backfill 

(Fig. 17), made of irregularly shaped tuff stones, and replace it 

withmuch lighter material (Fig. 18). In fact, it was hypothesized to use 

a lightweight aggregate, such as light expanded-clay aggregates that, 

due to their cellular structure enclosed in a clinkered rind, have a low 

weight-to-strength ratio, thus resulting very suitable for the case-study 

herein analyzed. This material has a unit weight of . 

Assuming the new value of the backfill unit weight, and re-performing 

the Monte Carlo simulations, it was found (Fig. 19) that the value of 

the probability of collapse can be lowered to . 

Section A-A’

A

A’

Filling with lightweight aggregate

 
Figure 18. Post Operam situation: section of the Bastione Farnesiano. 
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5. Conclusions  

   

This paper dealt with the assessment of the seismic safety and the 

consequent amelioration of the seismic behavior of a very unique and 

delicate structure belonging to the Italian archeological heritage: the 

so-called Bastione Farnesiano. It is a 16th century retaining wall lo-

cated in the central archaeological area of Rome.  
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Figure 19. Post Operam situation:  

sensitivity analysis for a) the Coulomb Friction model, b) for the dilatancy cohesion-

less friction model, and c) for the cohesive frictionless model; d) probability density 

of the Risk index from the analyses results; e) fragility curve 

 

  Given: 1) the uniqueness and age of the structure, 2) the number of 

uncertainties, together with the impossibility to carry out, at least for 

the study reported in this paper, accurate destructive tests, an ad-hoc 

calculation procedure was developed and implemented. This proce-

dure consisted of: 1) developing analytical equations that could relia-

bly model the failure modes affecting such a unique structure, and 2) 

carry out calculations in probabilistic and simplified terms, taking into 

due account all uncertainties involved.  
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  Seismic safety could be reliably assessed through a Monte Carlo 

analysis in terms of probability of collapse. A sensitivity analysis 

could also be performed, with the possibility to get very useful indica-

tions for the design of the seismic amelioration strategy. This latter, in 

accordance with the criterion of minimum intervention, was chosen to 

be the removal of the current backfill and its replacement with light 

expanded-clay aggregates. 

The calculation procedure, even though herein developed in detail for 

the case study of the Bastione Farnesiano, is absolutely general in 

substance and may be easily extended to any other monument, provid-

ed that data describing the main parameters, both geometrical and me-

chanical, are readily available or can be easily collected. 
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Abstract 
According to a recent report of UNESCO, a systematic and period-

ic recording of all cultural heritage becomes necessary for their com-

plete documentation, both qualitative and quantitative. The obtained 

data would indicate strategic choices for building works and for plan-

ning the future conservation or recovery of the heritage.  

In this contest, the field of geomatics can offer a wide range of in-

strumentation and surveying techniques capable of providing accurate 

data about the object at the time of the survey and consequently of 

monitoring its variation over time.  

It is important to mention, for instance, the possibility to create digital 

high-resolution 3D models. These models are obtained through photo-

grammetry and laser scanner techniques, which are geometrically cor-

rected by Total station or GNSS survey and finally georeferenced. 

They are useful for the creation of a complete database of the cultural 

heritage and for the production of BIM systems. 

A few examples of survey for the complete documentation of monu-

mental buildings of L’Aquila are presented in this paper. 
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1. Introduction 
 

In Italy the MIBACT recorded about 196.810 monuments of which 

186.699 are architectural sites and the remaining are archaeological 

ones [1].  The management of this heritage is at the present only based 

on the “Risk maps” [2] system that often collects the existing macro-

information data, and, when available, more detailed records.  

This lack of information is a serious issue for “the duty of ensuring the 

identification, protection, conservation, presentation and transmission 

to future generations of the cultural and natural heritage” in accord-

ance with the Art. 4 of the UNESCO Convention [3]. It therefore be-

comes necessary to develop a specific management system of the her-

itage and this will allow the collection into a database of both qualita-

tive and quantitative features for the complete description and the cor-

rect monitoring of the cultural heritage.  

Combining many techniques and tools of survey, the geomatics are 

able to observe and measure the environment, structures and infra-

structures providing certified metric data, which are useful to create a 

unique database to support the management of the cultural heritage. In 

particular, in order to define an accurate description of a structure at 

the time of the survey and consequently to monitor its variations over 

time [4], new tools have been developed in the last decades such as la-

ser scanning, UAV based-imaging, spherical and infrared images and 

mobile mapping system [5]. 

Furthermore, the obtained 3D models, integrated with other infor-

mation of the structure (structural and seismic analysis, energy sys-

tems, etc.) can represent the first informative layer of the innovative 

BIM systems to analyse the life cycle of the existing structure. The 

BIM systems are at the moment in the spot light for their mandatory 

adoption in public procurement in compliance with the European di-

rective [6] and they have now been adopted by many European coun-

tries.   

This paper describes the procedures and the results of the survey for 

the documentation of monumental buildings in L’Aquila using UAV 

photogrammetry and laser scanning, integrated with other techniques, 

in order to create digital georeferenced high-resolution 3D models. 

 



The role of geomatics for the cultural heritage 175 

2. The geomatics techniques for the cultural heritage monitoring 

 

In order to create an adequate system of management of the cultur-

al heritage, it is necessary to produce digital archives that contain met-

ric and qualitative descriptions of the heritage itself. It is important, 

then, to generate, as a first informative layer of the system, an accurate 

3D metric model of the analysed structure, on which the successfully 

activity of management, recovery and preservation can be based.  

The geomatics, with its tools and techniques and especially their inte-

gration, can satisfy the need for a correct digital geometric documenta-

tion and the consecutive monitoring over time.  

The range-based (active sensors) and image-based (passive sensors) 

techniques, based on different principles of acquisition, are able to ac-

quire the so-called “point clouds”, millions of 3D points with their po-

sition and precision. From the point clouds it is possible to generate 

3D solid models through the mesh generation, that creates the surface 

of the structure and finally, in order to obtain the building material’s 

features, a texturing step is performed.   

The choice of the optimal survey techniques is based on several fac-

tors: the complexity and the dimension of the structures, the cost of 

the survey, the required accuracy and resolution, the light condition 

during the survey, etc. 

Finally, the obtained 3D models must be scaled and georeferenced in-

to a unique reference system using other survey techniques, like total 

station or GNSS survey. When the framing network is appropriately 

projected, it is useful to check the survey’s quality and to satisfy the 

monitoring’s need.  

In the next paragraphs, two of the most commonly techniques applied 

to obtain high-resolution, accurate 3D models will be presented: the 

laser scanning (active sensor) and the photogrammetry (passive sen-

sor). Particular attention will be focused on the use of the UAV as the 

instrument of photograms’ acquisition, useful to quickly obtain the 

roof’s model in order to ensure a complete description of the structure. 

In order to analyse the potentiality of the integrated survey methodol-

ogy, the integration between the 3D modelling techniques with the 
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classical geodetic ones (e.g. GNSS, total station measurements, etc.) 

will be presented. 

 

2.1 Laser Scanner 

 

The Laser Scanner is a “twenty years experienced” technique. 

This relatively small instrument is able to measure the distance be-

tween the instrument and the framed scene, through the emission and 

the reception of a light beam that is reflected by the structure’s surfac-

es. Whether it is a Time Of Flight or a triangulation laser, knowing the 

distance and angle between the source and the receiver, it is possible 

to achieve the 3D position for each point, obtaining the “point 

clouds”. 

In order to ensure reliable accuracy and precision of the final geomet-

ric reconstruction [7], it is necessary to plan the activities related to 

the acquisition of point clouds keeping into account the geometrical 

characteristics and dimension of the object that should be investigated. 

Moreover, the planning phase is important to ensure an adequate reso-

lution and to guarantee a minimum of overlapping in the scans, avoid-

ing the shadows and merging the scans into a unique reference system.  

This technique has been widely used in recent years for the survey of 

cultural heritage due to its ability to measure a very large number of 

points with high accuracy and in a very short time.  

It is particularly suitable for the survey of the internal structures, espe-

cially under poor/absence of light; moreover, the remote control guar-

antees that the operations are carried out in safe conditions. On the 

other hand, the technique is not recommended in the case of objects 

with low reflectance and its high cost limits its use for specific appli-

cations. Finally, it is important to mention that the lack of the radio-

metric information does not allow the analysis of the structure’s com-

position and consequently it is important to integrate the laser scan-

ning survey with the acquisition of photograms for the radiometric in-

formation.  
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2.2 Photogrammetry 

 

The photogrammetry provides good metric information of the in-

vestigated object starting from two or more photograms acquired with 

an optical sensor (digital camera), according to the principle of stereo-

scopic vision [8]. In order to obtain the stereoscopic vision for meas-

ured objects, it is necessary to guarantee an adequate overlapping of 

the photograms and, above all, the photograms must be taken from 

different view points. Such conditions can be fulfilled by a good plan 

of acquisition, which must also take into account the photograms’ res-

olution. Once acquired, the images must be elaborated with specific 

photogrammetry algorithms. Until some years ago, the photogramme-

try was considered a long, manual and obsolete procedure [9], but the 

computer vision has recently introduced a high level of automation in 

the photogrammetry process (i.e. Structure From Motion, Dense 

Matching Algorithms, etc.), which made this survey methodology 

more feasible, especially in terms of elaboration time and costs. An-

other advantage of the photogrammetry is the capability to acquire the 

object’s texture, which allows the identification of the material’s com-

position. On the other hand, this technique is not suitable in the case 

of objects with poor brightness as internal structures and other meas-

urement instruments would be necessary in order to obtain the same 

metric features of the 3D model.    

The photogrammetry can be subdivided into aerial, terrestrial and 

UAV, according to the position of the sensor, which can be mounted 

on an aircraft, it can be used on the ground or could be on board of an 

Unmanned Aerial Vehicles (UAV), respectively.  

It is important to mention the great advantages introduced by the UAV 

Photogrammetry [10] for the survey of the cultural heritage: operating 

cost and time reduction, in particular with respect to conventional aer-

ial photogrammetry; the possibility to easily survey roofs or other tall 

elements (tower, bells, etc.) without the use of a mechanical robotic 

arm, which is mandatory and expensive when using other survey 

techniques (i.e. terrestrial laser scanner) [11]. Finally, being remotely 

controlled, the use of the UAV may guarantee the safety of the survey 

activities, especially in case of seriously damaged buildings like in a 

post-earthquake scenario.  



D. Dominici, V. Massimi, M. Alicandro 178 

 

2.3. Integration with other measurement techniques  

 

The 3D modelling techniques discussed above, provide 3D models 

in a “local” reference system and, in the case of photogrammetry, in a 

local scale as well. A proper integration with other traditional geodetic 

techniques like GNSS measurements is therefore important, in order 

to georeference the results in a unique reference system. These 

measures are carried out starting from a number of distinct points on 

the structure (Total Station measurements), which are subsequently 

reconnected to an external GNSS framing network. The network is 

useful not only for purposes as previously described, but also to con-

trol the quality of the 3D models, when designed according to redun-

dant schemes. The network represents a fixed reference system on 

which future monitoring measurements can be based. 

 

3. Case study 

 

In the following paragraphs the survey cases of two monumental 

buildings in L’Aquila are presented:  

 

- “Monastery of San Basilio” (Fig. 1), an ancient monastery 

whose origins date back to 496 A.C.  

 

 
Figure 1. “Monastery of San Basilio”- L’Aquila. 
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- “Basilica of Santa Maria di Collemaggio” (Fig. 2), a medieval 

church, the most important religious site of L’Aquila, built be-

tween 1280 and 1289.  

 
Figure 2. “Basilica of Santa Maria di Collemaggio” - L’Aquila. 

 

3.1 “San Basilio monastery” 

 

 
Figure 1.a) Point cloud acquisitions: in blue the laser scanner stations;  

b) Framing network. 

 

The structure presents a complex geometry due to the overlapping 

architecture of different ages. It is today used as a congress hall of the 

University of L’Aquila. This 1300 square metres historical building 

was extremely damaged by L’Aquila earthquake. In order to produce a 

complete geometrical model useful for the building’s recovery, a 3D 

reconstruction was performed using the laser scanner methodology, 

with the aim of investigating the interior and exterior of the structure.  

In order to ensure the reliable accuracy and precision of the final geo-

metric reconstruction [7], it was necessary to plan the acquisition of 
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the point clouds (Fig. 7a) the realization of a framing network was al-

so required, in order to georeference the data (Fig.7b). 

Given the complexity of the structure, two plans of acquisition were 

created, separating an outer zone from an inner one with different spa-

tial resolutions, which determine the level of identifiable details. Thus, 

for the exterior 10 point clouds with a resolution of about 7 mm were 

planned, while more than 100 point clouds with a 15mm resolution 

were planned to cover the interior three floors.  

In order to georeference the data in a global reference system 

(ETRF2000), a framing network was materialised and measured using 

the GNSS technique. In addition, a local network was also used for the 

direct georeferencing of all point clouds following, when possible, a 

high redundancy scheme. The framing network was densified using 

angle and distance measurements obtained with a motorized total sta-

tion Leica TS30. The measures were elaborated with the Least 

Squares Adjustment technique using dedicated software (Micro-

survey Starnet) to estimate the adjusted coordinates and their errors. 

Once acquired, every point cloud is related to an intrinsic reference 

system of the laser gripping position and, as a consequence, it is nec-

essary to co-register all point-clouds into a unique reference system 

(Georeferencing).  

To evaluate the quality of the registration step, it is important to ana-

lyse the Root Means Square (RMS), defined as the weighted average 

of control point uncertainties and, in this case, a value of 0.007 m, 

which perfectly matches the need of the survey, was obtained.  

 

3.2 “Basilica of Santa Maria di Collemaggio” 

 

The church suffered severe damage during the 2009 earthquake, 

which caused the collapse of the vault of the central nave in the apse 

and also affected the walls. In order to quantify the total damage, the 

UAV photogrammetry survey was tested to reconstruct the outside of 

the structure. 

The design of the survey is a fundamental step in order to perform an 

adequate investigation with the UAV Photogrammetry. In fact, this 

step includes the elaboration of an adequate UAV flight plan, which   
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survey of a proper network of Ground Control Points (GCP), in order 

to control the quality of the results and to georeference the final 3D 

model obtained after the data processing.  

In this case study, (Fig. 1) two different flights were necessary due to 

the particular configuration of the site. The first flight was carried out 

to survey the principal façade, characterised by a large space in front 

of it, and a second one investigated the “Holy Door” side, where the 

presence of an escarpment limits the distance of the photograms’ ac-

quisition.  

Knowing the camera parameters: CANON S100 whit focal length 

equal to 5.2 mm and sensor size of 7.6 mm x 5.7 mm (Table 1), and 

once established the GSD, it was possible to obtain the waypoints.  

 

Table 1. Survey characteristics  
Case Study Principal Façade  “Holy Door” side 

Type of UAV Mini_UAV Mini-UAV 

Quadri-copter Quadri-copter 

Optical Sensor Camera Canon S100 Canon S100  

Resolution 12 MP 12 MP 

Focal length 5.2 mm 5.2 mm 

Sensor  

dimensions 

width  7.6 mm 7.6 mm 

height  5.7 mm  5.7mm 

Pixel dimension 1.3 μm 1.9 μm 

Weight  192 g 192 g 

FOV direction UAV: θ = 16.5° UAV: θ = 16.5° 

Terrestrial: Per-

pendicular 

Terrestrial: Perpen-

dicular 

GSD   1 cm   4 mm 

Flight Altitude/distance  30 m 10 m 

Overlapping of  

photograms 

Longitudinal  90 % 90 %  

Side lap 90 % 90 % 

Number of photograms 14 277 

GCP Instrument Total station Total Station 

Number 15 45 

 

It is important to mention that, due to the particular structure of the 

UAV used, an Anteos A2-Mini/B (Fig. 3a) in the case of horizontal 

acquisition like in this structural context, it was necessary to apply a 
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Field of View (FOV) inclination of 16.5° with respect to the horizon-

tal direction, in order to exclude any part of the UAV from the ac-

quired photograms. This means that different scales characterise the 

images [12]. In order to limit their influence in the elaboration steps 

and to improve the photogram redundancy, it was necessary to use a 

higher photogram overlap. The overlapping was set at 90 % for both 

flights.  

For the first flight the GSD was set at 1 cm and the positions of about 

14 waypoints were obtained with the relative distance with respect to 

the facade equal to 30 metres (Fig. 3b). For the second flight, the main 

set parameter was the distance from the basilica, equal to 10 metres 

for flight safety, and for the preservation of the same overlapping rate 

with the previous flight, the total number of the acquired images was 

277 (Fig. 3b). The difference between the minimum and maximum 

GSD due the FOV direction for the “Holy Door” side of the Basilica 

was about a millimetre, while for the facade, because of the larger dis-

tance, it was 0.5 cm. 

 

  
Figure 2. a) The UAV: Anteos A2-Mini/B b) Planimetrical position of waypoint. 

 

Finally, in order to complete the survey design and to georeference 

and validate the precision and the accuracy of the final 3D model in 

the elaboration step, a network of GCPs was measured with a total sta-

tion (Fig. 3) and GNSS (Fig.4). Further 60 natural GCPs easily identi-

fiable and distributed on the entire structure (Fig. 3) were also meas-

ured in a local reference system using a Total Station TS30, obtaining 

the coordinate value’s precision equal to a few millimetres.   
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Figure 3. Network of GCP 

 

In order to obtain the absolute georeference of the final model with re-

spect to the ETRF00 reference system, a framing network (Fig. 4) was 

measured with the GNSS technique in static mode, guaranteeing the 

highest precision value with respect to the GNSS measurements.  

 

 
Figure 4. GNSS network 

 

To obtain the 3D models, the acquired images and the GCPs were 

elaborated with a specific photogrammetry software. In particular, 

given the large amount of data collected, it was decided to process 

them with a software that combines the classical photogrammetry ap-

proach and the Structure From Motion, having already tested the po-

tential of these algorithms in other case studies [13]. 
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The data processing consists of an image matching used to define the 

tie-points and a bundle blocks adjustment, which retrieves the camera 

position for all images and allows the automatic camera calibration, 

obtaining a sparse 3D point clouds. The dense matching algorithms 

finally convert the generated sparse point clouds into dense point 

clouds, from which the 3D models are derived. During this process, 

the GCPs together with the tie-points allow the refining, through the 

bundle adjustment, of the internal and external orientation, directly 

obtaining the georeferenced model.  

An important factor in the evaluation of the bundle adjustment result 

is represented by the residual value that is the square root of the aver-

age weighted value of the residual’s squares, which are commonly 

called the reprojection errors. However, the analysis of the bundle ad-

justment result, which only considers the reprojection error value, is 

generally not exhaustive enough for the definition of the model’s qual-

ity; in fact, it is possible to obtain a very good residual value, while 

the 3D model is deformed. Thus, it is important to compare the bundle 

adjustment result with the “ground truth” that may be performed ex-

cluding some GCPs as independent Check Points (CPs) from the bun-

dle adjustment. The GCPs are in fact affected by the adjustment that 

optimises the photogrammetric model to those points, while the inde-

pendent CPs are needed to compare the results with the ‘ground truth’. 
 

Table 2. Results of bundle adjustment 

 Number Residuals (cm) 

GCP 11 3 

CP 49 4 

 

Table 2 contains the bundle adjustment result and, considering the re-

siduals values, it seems possible to conclude that the precision and ac-

curacy of the model are equal to a few centimetres.    
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4. Results and conclusion  

 

In this work, two different survey approaches were presented in or-

der to understand the potentiality of the geomatics techniques for the 

management of the cultural heritage.  

The main results of the presented case studies are the 3D models (Fig. 

5) metrically correct and with the precision and accuracy highly suita-

ble for the management and monitoring of the cultural heritage.  

 

 
Figure 5. 3D model of Basilica of Collemaggio and San Basilio Monastery 

 

 
Figure 6.a) The ground floor map;b) The main facade’s prospect. 

 

The obtainable high resolution of these 3D models, about some centi-

metres for the photogrammetry and some millimetres for the laser 

scanner, allows to extract the geometric information of the structure 

such as plants and prospects, and to quantify the structure’s damage, 

such as structural collapses, cracking or out of plumb occurrences.  

It is also important to highlight the possibility to georeference these 

3D models into a unique and global reference system (ETRF00), 

which would result into the creation of a unique database of the cul-

tural heritage. 
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Once obtained the geometrically correct 3D models, the next step 

would be their integration with the information derived by other sen-

sors (thermal camera, structural analysis etc.) in order to support the 

analysis of the state of conservation and vulnerability of the cultural 

heritage.  

    
 

  
Figure 7. Photogrammetry results: a) 3D Model; b) Vertical analysis of the façade; 

c) Depth field; d) DSM.  

 

In addition, because of the presence of the framing network, it would 

be possible to repeat several measurements over time for monitoring 

purposes and to perform the change detection analysis.  

The 3D models then represent the first informative layers of a 

GIS/WebGIS or of the BIM systems for realistic and metric models of 

the cultural heritage. This would lead to a better management and con-

servation of cultural heritage. An example of the integrated monitor-

ing platform concept for cultural heritage is shown in figure 8. In this 

ideal platform, in addition to the analysis of the heritage life cycle, it 

is possible to add other important information/features (the layer by 

now implemented in the Risks Maps Systems) to better understand the 

impact of the surrounding environmental change due to natural and/or 
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anthropic factors (e.g. hydrogeological events) and consequently to 

support the definition of optimized mitigation strategies and to moni-

tor their effectiveness over time.  

 

 
Figure 8. Integrated monitoring platform concept  
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Abstract 
Le metodologie basate sulla conoscenza per la valutazione della si-

curezza strutturale e della vulnerabilità del costruito storico si basano 

sull’applicazione di un approccio operativo che si articola in diverse 

fasi includendo la ricerca storica, l’esecuzione di indagini non distrut-

tive o mediamente distruttive, il monitoraggio e l’analisi strutturale. Il 

monitoraggio rappresenta uno strumento utile da impiegarsi lungo 

l’intero processo di conoscenza non solo nella diagnosi preliminare, 

ma anche per il controllo della qualità e dell’efficacia degli interventi, 

nell’ambito di opportuni programmi di conservazione e protezione del 

bene oggetto di studio. In quest’ottica il monitoraggio diviene essen-

ziale per: (i) la valutazione del reale comportamento strutturale e 

l’identificazione delle vulnerabilità, preliminarmente all’esecuzione di 

qualsiasi intervento; (ii) la minimizzazione e ottimizzazione degli in-

terventi, in primo luogo fornendo indicazioni riguardo a quelli non ne-

cessari e/o invasivi. 

Tale metodologia è stata recentemente applicata e validata dagli autori 

ad un sito archeologico di particolare rilevanza: il Teatro Romano di 

Verona. L'approfondimento della fase della conoscenza (analisi stori-

ca, rilievo, studio del sottosuolo, proprietà dei materiali), combinato 

con l’installazione di un sistema di monitoraggio permanente e la mo-

dellazione strutturale, ha permesso di conseguire un’affidabile valuta-

zione delle vulnerabilità del sito con l’obiettivo di garantirne 

un’efficace e attenta protezione e valorizzazione. 
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1. Introduzione 

 

Il lavoro di ricerca presentato nel seguente articolo riguarda 

l’applicazione e validazione di una metodologia integrata basata sulla 

conoscenza per la valutazione strutturale e della vulnerabilità sismica 

di siti archeologici. All’interno dei processi di restauro e consolida-

mento strutturale dei Beni Culturali, è di primaria importanza rag-

giungere un compromesso tra i bisogni di conservazione degli aspetti 

storici, culturali e architettonici e la necessità di garantire sufficienti 

livelli di sicurezza e affidabilità strutturale (ICOMOS Recommenda-

tions 2005, Casarin & Modena 2006, Binda et al. 1999). 

Da un lato quindi il primo obiettivo è quello di raggiungere adeguati 

livelli di conoscenza dell’edificio oggetto di studio al fine di definire 

una diagnosi precisa delle problematiche strutturali previa integrazio-

ne di analisi storica, studio delle fasi costruttive e degli interventi pre-

gressi, rilievi geometrici e critici del danno, esecuzioni di indagini non 

distruttive e monitoraggio. Dall’altro lato è fortemente auspicabile 

l’applicazione di modelli strutturali affidabili, calibrati e validati sulla 

base delle indagini condotte e in grado di fornire una precisa valuta-

zione della risposta della struttura analizzata alle azioni esterne, inclu-

si eventi eccezionali quali i terremoti. A questo scopo per l’analisi si-

smica di strutture storiche è prevista l’applicazione di modelli locali a 

partire dall’osservazione dei meccanismi di collasso e dalla scomposi-

zione della struttura in macroelementi (Borri et al. 1999), e modelli 

globali attraverso approcci di tipo numerico (Roca et al. 2010), im-

plementando strategie di modellazione corrette e modelli non lineari 

con le dovute precauzioni sulle inevitabili semplificazioni adottate 

(Linee Guida DPC 2009). Nei paragrafi seguenti viene presentato il 

caso di studio del Teatro Romano, sito archeologico di pregio del cen-

tro storico di Verona, su cui è stata applicata e validate la metodologia 

qui brevemente descritta.  

 

2. Il Teatro Romano: analisi storica e morfologica 

 

Il Teatro Romano di Verona è una struttura risalente all’epoca Ro-

mana e precisamente al I sec a.C. Il teatro si colloca all’interno del 
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complesso del colle San Pietro nella porzione Nord Est della città, ap-

pena al di fuori della zona racchiusa nell’ansa dell’Adige. 

Nella struttura dell’antica città romana questa zona si collocava se-

guendo il fiume esattamente tra il ponte Pietra verso monte e il ponte 

Postumio verso valle. La scelta della posizione è stata studiata per ri-

sparmiare materiale da costruzione e l’intercapedine (Figura 2), un 

profondo taglio praticato a monte del teatro nella roccia tufacea del 

colle, fungeva da cava per l’approvvigionamento della pietra. Essa 

consente il deflusso delle acque provenienti dal monte a protezione del 

teatro e si articola in tre segmenti, di cui quello centrale è parallelo 

all’edifico scenico mentre i due laterali piegano a convergere verso il 

fiume. La larghezza dello scavo è di 2m e la profondità di circa 18m 

per una lunghezza di oltre 40m con il fondo lastricato per migliorare il 

deflusso delle acque. 

 
Figura 1. Vista aerea del Teatro Romano costruito lungo il fiume Adige alle pendici 

del Colle San Pietro 

 
Figura 2. Sezione del teatro dalla scena alla seconda passeggiata: si nota 

l’intercapedine utilizzata come cava a monte della cavea (Benvegnù L.,1980) 
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Quanto si può attualmente osservare deriva da un complesso lavoro di 

scavo archeologico operato a partire dal 1834 da Andrea Monga per 

restituire il teatro alla città. Precedentemente a questi lavori la zona 

era completamente costruita. 

 

 
Figura 3. Esploso del teatro originario: è evidente la struttura portante della cavea 

costituita dalle sostruzioni artificiali e dal colle ella parte centrale 

Il Teatro di Verona, poiché almeno parzialmente utilizza il pendio del-

la collina come supporto per la gradinata, si avvale di un’esperienza 

che appartiene alla cultura greca, ma l’intrinseca tipologia del monu-

mento, in cui cavea ed edificio scenico si legano in stretta unità, è as-

solutamente romana (Figura 3). Il Teatro ha un diametro di circa 110 

metri, ma compresi i quattro archi ciechi, che da una parte e dall’altra 

delimitavano a monte le piazzette laterali, l’estensione frontale risulta-

va di complessivi 150 m. Nel senso della profondità la misura massi-

ma delle sole strutture del monumento attualmente conservate è di 71 

m. Quanto rimane è solo una piccola parte della struttura muraria por-

tante originaria. La scena ha un’estensione frontale di 71,50 m. Tolti i 

due parasceni laterali, resta un fronte utile per il palcoscenico di 59,50 

m. La gradinata della cavea che si innesta radialmente all’orchestra ha 

un diametro di circa 108 m e ad oggi si presenta così grazie in parte 
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agli scavi ed in parte a seguito di alcune ricostruzioni. Lo scavo che 

portò alla luce l’intero teatro accertò che non tutta la gradinata, neppu-

re nella sua parte più bassa, posa sul pendio del colle, in quanto late-

ralmente, mancando questo supporto naturale, vennero realizzati delle 

sostruzioni artificiali, costituite da muri radiali, collegati da volte a 

botte. La struttura di questi muri è in conglomerato cementizio con ri-

vestimento di tufelli rettangolari. Lo spazio compreso fra due di questi 

muri, avente forma di alto corridoio rastremato verso il fondo, prende 

a Verona il nome di arcovolo. Gli alti muri di sostegno della gradinata, 

che erano originariamente coperti da volta a botte avente la pendenza 

della cavea, raggiungevano un’altezza massima di circa 17 metri, por-

tando gli spettatori alla prima e alla seconda precinzione. 

  
Figura 4. Vista interna dell'edificio scenico (a destra) e dei muri radiali occidentali 

della cavea  

La sintesi relativa alle fasi di costruzione, demolizione e rifacimento 

che hanno interessato il Teatro nel corso dei secoli, è basata sui docu-

menti rinvenuti e sulle analisi proposte da alcuni studiosi (Albasini 

(1908), Cenzon (2006), Ricci (1985)).  

 

3. Rilievo dello stato di fatto e analisi delle vulnerabilità 

 

Le tre aree di interesse per lo studio delle strutture del Teatro, visi-

bili in Figura 5, sono: 

 Zona Chiesa: comprende i cinque setti liberi ad Est e l’arco del-

la parados orientale; 
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 Zona Museo: comprende i quattro setti liberi ad Ovest; 

 Zona Scena: comprende i resti della scena posti di fronte alla 

cavea. 

I setti della Zona Museo assumono la denominazione di tipo A (1-2-3-

4). I setti della Zona Chiesa assumono la denominazione di tipo B (1-

2-3-4-5). La struttura della Zona Scena assume la denominazione di 

tipo C. Infine la struttura vicina alla zona chiesa, costituita da un arco 

di ingresso, è denominata come D1.  

 
Figura 5. Individuazione in pianta delle tre zone d'analisi con l’identificazione dei 

nomi delle sostruzioni 

 
Figura 6. Mappatura del degrado 

 

Le strutture in esame sono da tempo sottoposte ad alcuni attacchi am-

bientali che hanno portato allo sviluppo di varie tipologie di degrado. 

Queste sono state mappate, analizzate e classificate (mediante la nor-

ma ‘UNI 11182 – Materiali lapidei naturali ed artificiali: descrizione 
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della forma di alterazione’) con l’intento di valutarne le cause, limi-

tarne la formazione e individuare le possibili soluzioni per la sistema-

zione dell’attuale quadro di danno.  

I materiali lapidei degradati del Teatro Romano sono affetti da una se-

rie di problematiche dovute a: sbalzi termici, presenza di discontinuità 

generate dalla dilatazione termica, dilavamento delle acque piovane, 

croste nere. Le tavole del degrado evidenziano un ampio stato di di-

sgregazione e la presenza di patina biologica su gran parte della super-

ficie dei setti della zona ovest, favorita dallo scarso soleggiamento e 

dall’umidità. 

Il rilievo del quadro fessurativo ha delineato i punti critici e le princi-

pali lesioni successivamente sottoposte a controlli strumentali previa 

installazione di trasduttori di spostamento. L’arco d’ingresso puntella-

to presenta fessurazioni da tenere debitamente sotto controllo. Infatti 

tali lesioni potrebbero comportare l’espulsione di materiale in corri-

spondenza dello spigolo tra i due archi. Nei setti della Zona Chiesa il 

fenomeno di decoesione e caduta del materiale sembra essere prepon-

derante rispetto a quello di formazione delle lesioni. 

 
Figura 7. Rilievo del quadro fessurativo 

Per la determinazione del possibile comportamento sismico delle por-

zioni murarie presenti, risultano fondamentali il rilievo e lo studio del-

le eventuali vulnerabilità delle zone. Queste sono legate alla morfolo-

gia del teatro e alle tecniche costruttive utilizzate. Le strutture del Tea-

tro Romano presentano peculiarità costruttive-geometriche riconduci-

bili a situazioni di medio-alta vulnerabilità, con particolare riferimento 

alle azioni orizzontali. Si denunciano situazioni potenzialmente peri-

colose legate alla forte presenza di murature isolate, anche di notevoli 

dimensioni. Riguardo alla tipologia muraria, si riscontra una composi-
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zione prevalente di murature “a sacco”, con paramenti esterni compo-

sti da blocchetti squadrati di tufo e nucleo essenzialmente incoerente. 

Altre situazioni meritevoli di attenzione riguardano la presenza di 

elementi ad arco, già oggetto di precedenti interventi di messa in sicu-

rezza. 

 

4. Indagini diagnostiche 

 

4.1 Prove non distruttive o mediamente distruttive 

 

Presso il Teatro sono state in passato svolte diverse prove di tipo 

non distruttivo, tra cui: 

 Indagini geognostiche volte alla determinazione della natura e 

della morfologia del sottosuolo. 

 Indagini geofisiche per ricostruire l’andamento del substrato 

roccioso anche al di sotto delle strutture del Teatro 

 Indagini chimiche e petrografiche al fine di analizzare quali 

siano le maggiori vulnerabilità materiche legate agli aspetti 

chimici e fisici ed inoltre per permettere la valutazione di 

eventuali interventi di consolidamento delle murature archeo-

logiche 

In parallelo sono state condotte indagini mediamente distruttive per la 

determinazione delle caratteristiche meccaniche delle strutture murarie 

tra cui: Martinetto piatto singolo; Martinetto piatto doppio; Carotaggi 

orizzontali. 

Sono state inoltre compilate le schede di qualità muraria e dalla loro 

analisi sono emerse due principali tipologie di muratura: 

 muratura a conci sbozzati, con paramento di limitato spes-

sore e nucleo interno nella zona Chiesa e Museo e l’arco; 

 muratura in pietre a spacco con buona tessitura nella zona 

della Scena 

4.2 Prove di identificazione dinamica 

 

Preliminarmente all’installazione del sistema di monitoraggio sono 

state eseguite presso il Teatro prove di caratterizzazione dinamica sul-

le strutture murarie in elevato. Scopo di tali test è stato quello di iden-
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tificare i parametri modali utili alla calibrazione dei modelli numerici 

per l’analisi strutturale e alla definizione della risposta ad azioni di ti-

po dinamico come i terremoti. Le prove si sono concentrate sui setti 

liberi B1, B2 e B3 della Zona Chiesa (est) e A3, A4 della Zona Museo 

(ovest) e sulle strutture della scena.  

Le prove sono consistite nell’installazione in punti significativi di ac-

celerometri ad alta sensitività in grado di misurare le vibrazioni tra-

smesse dai fenomeni ambientali (vento, traffico, ecc). Le storie tempo-

rali registrate con frequenza di campionamento pari a 100 Hz sono 

state successivamente post-processate per l’estrazione dei parametri 

modali (frequenze naturali, fattori di smorzamento e modi di vibrare) 

attraverso algoritmi dedicati dell’analisi modale Frequency Domain 

Decomposition method (FDD) e EFDD (Enhanced Domain Decompo-

sition method) (Brincker 2000). 

 

Figura 8 Esempio di estrazione dei parametri modali attraverso la Frequency 

Doman Decomposition del setto B3 ottenuta con il software Artemis (SVS 2006). 

I segnali registrati, opportunamente trasformati nel dominio delle fre-

quenze attraverso la Trasformata di Fourier, sono stati analizzati per 

l’identificazione dei picchi di risonanza relativi ai modi di vibrare 

fondamentali della struttura e dei modi di vibrare associati.   

 
Figura 9. Modi di vibrare identificati per il setto B3 
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5. Il sistema di monitoraggio 

 

Il sistema di acquisizione implementato per il controllo di parame-

tri strutturali del Teatro Romano di Verona è finalizzato alla 

acquisizione delle caratteristiche vibrazionali della struttura, registrate 

mediante trasduttori di accelerazione e alla valutazione delle variazio-

ni dell’apertura di alcune lesioni individuate, ottenute mediante tra-

sduttori di spostamento. Tali letture sono relazionate ai parametri am-

bientali. La valutazione delle grandezze misurate, ed in particolare di 

eventuali loro variazioni nel tempo, consente di avere utili indicazioni 

nella definizione del comportamento della struttura e nella possibile 

determinazione della presenza di fenomeni di danno. 

 
Figura 10. Layout generale del sistema di monitoraggio strutturale 

 

L’installazione del sistema di monitoraggio presso il Teatro Romano 

di Verona è avvenuta nei mesi di marzo, aprile e giugno dell’anno 

2014. Il sistema è composto da 10 accelerometri monoassiali (trasdut-

tori di accelerazione), da 11 potenziometri lineari (trasduttori di spo-

stamento), da 2 inclinometri e da 1 sensore di temperatura e umidità. 

L’analisi dei dati del monitoraggio è stata condotta in riferimento alla 

risposta statica, dinamica e sismica delle strutture oggetto di controllo. 

Il monitoraggio dei parametri di natura statica permette di esprimere 

un primo giudizio circa le variazioni deformative delle lesioni control-
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late. La quasi totalità dei sensori mostra un chiaro comportamento ci-

clico stagionale fortemente legato alla temperatura. 

 
Figura 11. Monitoraggio statico: variazione dell’apertura/chiusura di 3 lesioni  

in funzione del tempo e della temperatura esterna 

 

Non sono, dunque, emersi segnali relativi a particolari anomalie del 

quadro lesivo o a una progressione del danno. I sensori seguono in 

maniera diretta o inversa la correlazione con la temperatura registrata 

dal sistema indice, questo, di fenomeni reversibili (senza fenomeni 

cumulativi tipici del progressivo danneggiamento strutturale). 

Il monitoraggio dinamico ha permesso di controllare la variazione dei 

parametri modali. Dallo studio dell’andamento delle frequenze pro-

prie, si può notare una stabilità dei modi principali delle strutture mo-

nitorate, soprattutto per quanto riguarda i primi modi. I trend di varia-

zione delle frequenze sembrano seguire un comportamento ciclico le-

gato alla temperatura esterna.  

 
Figura 12. Variazione delle frequenze naturali dei primi sette modi di vibrare  

della Scena 
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Infine attraverso il monitoraggio sismico è stato possibile determinare 

la risposta della struttura a terremoti di bassa entità catturati dal siste-

ma, evidenziando i principali risultati anche in relazione a valutazioni 

di sicurezza strutturale. In particolare è stato possibile analizzare le 

accelerazioni massime registrate in sommità e alla base delle murature 

del teatro, determinare i coefficienti di amplificazione e identificare il 

contenuto in frequenza dell’input sismico. 

Nel confronto tra i due sismi catturati, in sommità del setto della Sce-

na del Teatro Romano le accelerazioni sono state pari a 0.02 m/s2 in 

direzione parallela al setto e 0.06 m/s2 in direzione perpendicolare con 

un fattore di amplificazione in altezza rispettivamente pari a 4 e 12. 

 
Figura 13. Traccia sismica registrata in sommità al setto della Scena 

 

6. Analisi della vulnerabilità sismica 

 

6.1 Analisi della risposta locale 

 

L'efficacia e l'affidabilità associata all'uso dell'analisi limite supe-

riore attraverso metodi cinematici basati sul principio dei lavori vir-

tuali è profondamente collegata alla corretta analisi ed individuazione 

degli effettivi meccanismi di collasso Heyman (1995), Casarin & Mo-

dena (2006), Lourenço (2015). 

Si sono analizzati e calcolati, secondo le procedure suggerite dalla 

normativa italiana (Circ. Min. n.617/2009), tutti i cinematismi ricono-
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sciuti per mezzo sia della restituzione del quadro fessurativo riportato 

al §3 in cui si sono evidenziati alcuni macroelementi sia dal quadro di 

danno risultante dall'uso di analisi statiche non lineari (vedi § 6.2). 

   
Figura 14 Meccanismo di I modo nella scena (sx) e di II modo in zona arco (dx) 

In primo luogo si sono verificati tutti i meccanismi di primo modo che 

coinvolgono ribaltamenti fuori dal piano dei macroelementi identifica-

ti. Ove possibile si sono eseguite entrambe le verifiche associate 

all'ambito lineare, con l'identificazione dell'accelerazione di attivazio-

ne del meccanismo, e in quello non lineare, tramite la verifica dello 

spostamento ultimo. Si sono poi considerate le diverse accelerazioni di 

domanda per meccanismi posti a quote diverse da quelle del terreno. 

 
Tabella 1 Sintesi dei risultati ottenuti con l’analisi cinematica dei setti 

 A1 A2 A3 A4 B1 B2 B3 B4 B5 

 119 139 746 47 46 60 57 55 65 

 
1.38 1.61 0.54 0.542 0.53 0.74 0.66 0.63 0.75 

 
- - 3.29 3.22 3.30 3.81 3.59 3.53 3.55 

 
Tabella 2 Sintesi dei risultati ottenuti con l’analisi cinematica della scena 

 A B C D E F 

 54.6 49.0 49.2 76.5 56.8 37.7 

 
0.63 0.80 0.57 0.88 0.66 0.44 

 
2.67 1.89 1.79 2.27 2.40 1.62 
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Si riportano in Tabella 1 e Tabella 2 i dati relativi al cinematismo di I 

modo più severo, identificato in ciascun setto rispettivamente per i set-

ti delle zone museo(A)-chiesa(B) e scena. Si sono così ottenute diver-

se curve di capacità di ciascun elemento confrontate poi successiva-

mente tra loro e con lo spettro di spostamento del sito. 

In Tabella 3 si riportano invece i risultati delle analisi cinematiche 

condotte sulla zona Arco, nella porzione Sud-Est del teatro. In questo 

caso, come dimostra il cinematismo di Figura 14 (dx) (IIM1), si sono 

considerati anche i possibili meccanismi di secondo modo (IIM#) che 

coinvolgono il comportamento della struttura nel piano. Il meccani-

smo IM4 riguarda il possibile distacco di una porzione di doppia cor-

tina, presente in questa zona.  
 

Tabella 3 Sintesi dei risultati ottenuti con l’analisi cinematica, zona dell'arco 

 IM1 IM2 IM3 IM4 IIM1 IIM2 IIM3 

 63 69 126 40 331 332 94 

 
0.73 0.80 1.47 0.48 7.40 4.80 1.19 

 
3 3 3.29 18.4 - - - 

 

 
Vulnerabilità 

alta 

 
Vulnerabilità 

media 

 
Vulnerabilità 

bassa 

Figura 15 Quadro riassuntivo del grado di vulnerabilità dell'intero Teatro 

 

Si evidenza come questo sia il meccanismo più vulnerabile e al con-

tempo come lo stesso sia facilmente evitabile con un solo intervento di 
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tipo locale che garantisca la connessione trasversale tra le parti. Per 

l'arco si sono considerati cinematismi con cerniere sia interne all'ele-

mento strutturale sia comprendenti i piedritti. 

In conclusione i setti più critici risultano essere il B1, in Zona Chiesa, 

e i setti A3 e A4 in Zona Museo. Per quanto riguarda la scena invece, 

la porzione centrale, la parete curva e quella ad Ovest hanno il coeffi-

ciente di attivazione più basso e risultano quindi essere le più vulnera-

bili. 

La tipologia costruttiva associata ad un sito archeologico di questo ti-

po non è associabile ad una sola costruzione con un solo giudizio glo-

bale. Figura 15 riporta in forma sinottica e riassuntiva tutti i giudizi di 

vulnerabilità attribuiti alle singole sostruzioni per avere un quadro ge-

nerale dei vari livelli di vulnerabilità distribuiti all'interno del sito. 

 

6,2 Analisi della risposta globale 

 

L'utilizzo dei modelli FEM contribuisce significativamente nella 

Analisi di vulnerabilità in ambito statico non lineare (pushover) e an-

che nella calibrazione ed interpretazione, con il monitoraggio, dei vari 

parametri modali e del comportamento strutturale globale. Si sono 

quindi adottati due diversi approcci per ciascuno dei due utilizzi. 

In primo luogo il modello elastico è stato calibrato con i dati prove-

nienti dall'identificazione dinamica ed esteso alle necessità del moni-

toraggio. Dopo un'attenta analisi e ricostruzione geometrica dei vari 

setti e una divisione in tre diverse tipologie di materiali: pietra a conci 

sbozzati, mattoni e pietra degradata; si sono variati per ciascun para-

metro entrambi i valori di densità e modulo elastico. 

Si è effettuata un’analisi Natural Frequency: le frequenze ottenute so-

no confrontate con quelle derivanti dall'identificazione dinamica e dal 

sistema di monitoraggio (vedi §4.2 e §5). Sia in fase di pre che di post 

calibrazione si calcolano l’errore medio percentuale tra la frequenza 

del modello e quella sperimentale e l’indice MAC. 

L’errore medio è definito tramite l'eq. (1) in cui fFEM rappresenta la 

frequenza del modello agli elementi finiti e fEXP la frequenza speri-

mentale.  
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(1) 

Successivamente, per valutare la corrispondenza tra le forme modali 

identificate e quelle ottenute dall'estrazione modale si è utilizzato l'in-

dice di MAC (Allemang 1983) riportato in eq. (2). 

 

(2) 

I modelli sono stati creati principalmente in due dimensioni utilizzan-

do elementi a 8 nodi di tipo curved shell (DIANA 2007). Per il caso 

della zona ad arco e della scena si sono implementati anche due mo-

delli in tre dimensioni per valutarne la diversa risposta. 

Dal punto di vista dinamico si sono ottenuti buoni livelli di 

calibrazione sia in frequenza che in forma modale. In Tabella 4 si 

riportano i valori di calibrazione del setto di esempio mostrato nel 

caso dell'identificazione dinamica di Figura 9. 
 

Tabella 4 Frequencies, errors and MACs of B3 FEM calibration 

Modo 
 

[Hz] 

 

[Hz] 

 

[Hz] 

 

MAC  

 

 

 

1 1,95 1,92 1,85 0,15 5,1 0,97 

2 - 4,10 - - - - 

3 6,24 5,31 5,23 14,37 16,1 0,98 

4 8,24 8,82 8,54 6,66 3,64 0,91 

5 10,91 11,31 11,28 4,42 3,39 0,80 

6 13,43 13,33 12,70 0,42 5,44 0,30 

 

Le frequenze fEXP corrispondono alla campagna di identificazione 

mentre fSHM riguardano la frequenza media valutata con il sistema di 

monitoraggio. Si noti come i parametri modali possano essere variabili 

nel tempo secondo le condizioni esterne come evidenziato in §5.  
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Non è quindi necessario che la calibrazione FEM sia troppo spinta su 

un elemento strutturale ma è sufficiente che sia nell'ambito di variabi-

lità della frequenza stessa. 

Una volta calibrati i modelli sono stati anche utilizzati per eseguire 

analisi statiche non lineari al fine di estrarre le curve di capacità del 

elemento. 

Tali analisi hanno permesso di verificare i meccanismi di danno ipo-

tizzati in fase di calcolo dei cinematismi. 

Le analisi si sono eseguite in Diana (2007) attraverso una legge costi-

tutiva a parabola per il tratto in compressione, lineare in fase di trazio-

ne elastica ed esponenziale per la descrizione del tension-softening.  

I parametri elastici sono riferiti a quelli derivanti dalle calibrazioni 

mentre per i parametri non lineari si sono eseguite alcune analisi di 

sensitività. 

L'applicazione della spinta sismica è stata applicata in tutte e quattro 

le direzioni principali della struttura e si sono identificati diversi stati 

di danno. 

In Figura 16 si riporta un esempio del quadro di danneggiamento ot-

tenuto per la zona d'arco nel caso di sisma in direzione Est-Ovest. 

Questi stati di danneggiamento, confermati anche dai modelli tridi-

mensionali, più onerosi computazionalmente (63304 elementi e 14657 

Nodi), concordano con i meccasimi di danno utilizzati nell'analisi ci-

nematica. Particolare attenzione è stata anche attribuita alla selezione 

del punto di controllo, che può significativamente cambiare l'anda-

mento finale della curva di capacità. I due punti significativi selezio-

nati sono i punti sopra la chiave di volta degli archi. 
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Figura 16 Modello bidimensionale della zona d'arco(sx) e danneggiamento (dx) 

I due modelli 2D e 3D evidenzino le stesse zone di concentrazione 

delle deformazioni. Il modello tridimensionale mostra anche un accu-

mulo di tensioni nella zona adiacente all’attacco tra arco puntellato e 

setto che, nel modello bidimensionale, non è mostrato. 

 
Figura 17 Confronto tra le curve di capacità i modelli 2d e 3d, con indicazione degli 

step di carico di cui si sono analizzate le deformazioni. 

Analizzando inoltre le due differenti curve di capacità del meccanismo 

IIM1 attivato con α 0.607 si può osservare come il modello tridimen-

sionale colga meglio l’accelerazione con un valore massimo simile 

all'analisi cinematica. 
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7. Conclusioni 

 

Il caso studio presentato evidenzia come le metodologie di analisi 

proposte possano essere effettivamente applicate a casi reali e, nella 

fattispecie, ai siti archeologici. 

L'approfondimento della fase della conoscenza in tutti i suoi aspetti 

(analisi storica, rilievo, studio del sottosuolo, proprietà dei materiali) 

permette di definire in maniera sempre più approfondita le caratteristi-

che della struttura, incrementando di conseguenza la qualità del mo-

dello di calcolo che si utilizza ai fini delle valutazioni di vulnerabilità. 

In questo modo risulta chiaro come il livello di conoscenza che si ha 

di una struttura sia in stretto rapporto con l'affidabilità delle analisi e, 

conseguentemente, dei risultati. 

L'applicazione successiva di modelli analitici (analisi limite) e di mo-

delli numerici (FEM), permette di ottenere una valutazione affidabile 

della vulnerabilità tramite l'identificazione delle possibili vulnerabilità 

e dei meccanismi attivabili. I risultati e le soluzioni dei vari approcci 

non sono identiche, e pertanto risulta necessario e funzionale operare 

in maniera parallela più analisi per poi dare un giudizio finale unitario 

che tenga conto dei vari risultati emersi. In questa sede si sono utiliz-

zati strumenti statici e dinamici, sia all'interno del campo lineare che 

di quello non lineare, evidenziando come siano presenti molti fattori 

da valutare e quali sia la loro variabilità in strutture storiche di questo 

genere. Si evidenzia inoltre la necessità di analisi a livello sia locale 

che globale, al fine di monitorare tutti i possibili livelli di danno. 

L'applicazione di sistemi diagnostici non distruttivi quali l'identifica-

zione dinamica, evidenziano in primo luogo una potenzialità legata al-

la calibrazione dei modelli che ne aumentano in maniera conseguente 

l'affidabilità. Inoltre attraverso l'acquisizione scadenzata dei parametri 

modali per mezzo dei sistemi di monitoraggio installati, si possono va-

lutare mutate situazioni di riposta che consentono di identificare il so-

praggiungere di stati di danno, così da avere una valutazione della si-

curezza strutturale sempre aggiornata alle condizioni attuali della 

struttura. 

Nel complesso si può quindi affermare che l'insieme di procedure 

adottate, garantendo di fatto una sicurezza strutturale più elevata gra-



E. Cescatti, F. Lorenzoni, M. Caldon, C. Modena, F. Da Porto 208 

zie alla conoscenza, permettono di perseguire il criterio del restauro 

che si rifà al minimo intervento. 

Nel caso in esame, come anche la tutela a livello materico sia impor-

tante e che non solo gli eventi eccezionali possono mettere in crisi un 

bene storico. Molto spesso infatti le ordinarie condizioni di esercizio 

legate a fenomeni di esposizione agli agenti esterni, sia di natura an-

tropica che ambientale, possono essere causa di danno. Questo sottoli-

nea un aspetto chiave per la tutela dei beni culturali quale la predispo-

sizione di un piano di ordinaria manutenzione e di tutela materica del 

bene per la limitazione del degrado. 

In conclusione si può quindi affermare che: 

 Per garantire la protezione e l’incolumità dei fruitori, è indi-

spensabile operare attraverso la valutazione della sicurezza 

strutturale. È quindi importante tutelare il bene da possibili 

eventi, eccezionali e non, che possano provocarne il danneg-

giamento e/o il degrado. 

 

 Per valorizzare il bene si deve operare a livello di fruibilità e di 

funzioni in modo tale che gli utenti possano conoscere e vivere 

la struttura. Ne è un esempio il Teatro Romano di Verona in 

cui visita museale e rappresentazione teatrale si sposano ren-

dendolo vivo. 
 

 L'uso di metodi innovativi quali il monitoraggio e l’esecuzione 

di interventi localizzati e continui come quelli legati alla ma-

nutenzione, garantiscono sostenibilità a livello economico e 

taglio e redistribuzione dei costi di esercizio. 
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Abstract 
The need for interventions in heritage constructions often calls for 

deciding whether the structure can be kept in the existing conditions 

or should it be retrofitted by introducing more or less significant mod-

ifications. Still, sustainable interventions in heritage constructions can 

only be achieved if there is adequate knowledge about their state of 

conservation. To obtain such knowledge, reliable structural survey and 

diagnosis procedures need to be employed. In this context, structural 

monitoring can be particularly helpful in cases where the information 

obtained from the structural survey or from other stages of the analy-

sis is insufficient to establish a final diagnosis.  

  Over the last 15 years, the Construction Institute (IC) and the La-

boratory for Earthquake and Structural Engineering (LESE) of the 

Faculty of Engineering of the University of Porto (FEUP) were in-

volved in the survey and monitoring activities of numerous heritage 

structures for private institutions as well as for governmental stake-

holders managing cultural heritage in Portugal. This work describes 

the structural survey/diagnosis and the monitoring systems supporting 

the decision about the need for interventions for three heritage con-

structions.  
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1. Introduction  

 

It is currently accepted that the heritage or vernacular value of an 

historical city centre is not defined only by the values of its individual 

constructions [1]. Instead, this value is the result of the unique features 

and interactions that characterize the set of constructions as a whole 

(Figure 1). By acknowledging this fact and integrating it with eco-

nomic- and sustainability-related issues, it becomes clear that the ade-

quate requalification/rehabilitation of historical constructions needs to 

involve efforts to keep their components while rediscovering tradi-

tional construction techniques to understand their preservation issues. 

 By setting that one of the goals of the sustainable rehabilitation of 

historical constructions should be to preserve their components, name-

ly their structural elements, as much as possible, several factors must 

then be involved to achieve this goal. Acknowledging the need to have 

adequate knowledge about the state of conservation of the construc-

tion and of its elements is perhaps the most important one. Through 

this knowledge, which must be obtained using reliable survey opera-

tions, the structural capacity of an existing construction can then be 

established, as well as its level of safety. The importance of these re-

sults makes this knowledge instrumental for the decision-making pro-

cesses that will define which rehabilitation actions need to be under-

taken in the construction. Only by having this knowledge will it be 

possible to determine if and which components of a given construction 

can be maintained. As such, the economic costs of repair and/or 

strengthening operations that may be required to rehabilitate a certain 

construction are also a direct consequence of this knowledge [2].  

 

2. The IC-LESE-FEUP approach to heritage conservation  

 

 To assess the structural stability and safety of a given construction, 

adequate knowledge about the construction needs to be obtained. To 

ensure the soundness of this knowledge, a systematic process must be 

carried out which involves suitable data and information research pro-

cedures that will lead to a reliable diagnosis about the state of the con-

struction. These data and information research procedures involve a 

series of qualitative and quantitative operations, where the latter are 
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only performed if the former are found to be insufficient to provide 

the necessary data. These operations are generally termed structural 

inspection and survey procedures and include site visits to inspect the 

condition of the construction and its surroundings to survey the rele-

vant geometric data, mechanical properties of the materials, structural 

load-transfer mechanisms and damages of the construction. Although 

a technical inspection involving just a visual assessment is seen to be 

fundamental to provide a preliminary analysis of the construction, its 

outcomes are highly dependent on the experience and knowledge of 

the analyst(s) that carry out the assessment. Therefore, it is always 

important to involve two or more analysts in a technical inspection to 

allow for a more in-depth observation of the construction and reduce 

the existing level of uncertainty. Furthermore, by having more than 

one analyst doing the assessment, it is possible to discuss the technical 

validity of what was observed and surveyed taking into account dif-

ferent points of view and frames of reference. 

 In this context, structural monitoring can be particularly helpful 

when the information obtained from structural survey or other analysis 

stages (e.g. numerical modelling, etc) is insufficient to establish a final 

diagnosis [3] and [4]. Monitoring involves measuring and controlling 

the temporal evolution of certain parameters such as local and global 

deformations, joint movements, temperature variations, stress levels, 

foundation settlements, variations in the underground water level, etc. 

By analysing these parameters, it is then possible to understand the 

evolution of damage over time, as well as to identify more clearly the 

causes of those damages. Subsequently, this analysis provides im-

portant information to define the structural diagnosis and the possible 

measures that may be required to mitigate the sources of damage.  

 

3. Selected case studies 

 

3.1. New stone masonry bridge in Vila Fria 
  
 The structural behaviour of stone masonry arch bridges still persists 

a challenging research topic, since many of such constructions exist in 

several countries, under service conditions for which they were not 

designed, therefore increasing the problem relevance [5]. 
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 The following case study refers to the new stone masonry bridge in 

Vila Fria, Felgueiras municipality, Portugal, crossing the Vizela River, 

about 60 km far from Porto, built in 2013-2015 according to tradition-

al techniques of masonry construction. The purpose was to replace an 

old and very deficient passage (Figure 1a), for which the arch bridge 

typology was expressly required by the local municipality. 

 The bridge is 6 m wide, spanning 60 m, with five stone arches of 

4.8 m to 6.0 m long plus two abutments. The main structural elements, 

i.e. arches, piers and spandrel walls, are made of stone masonry 

brickwork; the bridge infil is made of a selected tout-venant material. 

 During the bridge construction, a large instrumentation network 

was installed, including electrical type and fibre optic Bragg gratings’ 

sensors [6]. Strains in stone blocks are measured in 48 points by elec-

trical and optical strain gauges (Figure 2); since this type of structure 

has very low stress level in the linear elastic domain, the strain 

measures give directly an indication of the installed stresses. 
  

     a)  b) 

Figure 1.  The Vila Fria bridge (a) old passage; (b) new stone masonry bridge. 

 

Pressure distribution in a selected region is monitored by 7 total pres-

sure cells [7] often used in geotechnical works (Figure 3). Vertical de-

flections are obtained by 16 ultra-low differential electrical pressure 

sensors with an appropriate fluid to measure differential displacements 

between several points throughout the bridge deck. Fibre optic based 

displacement transducers (53) were adopted to monitor relative open-

ing/closing and slip motions in joints between blocks and displace-

ments between opposite spandrel walls; the same technology has been 

adopted for temperature measurement (28 sensors). 
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a) 

 b) 

 c) 

Figure 2.  Strain gauge layout. (a) Downstream façade alignment (similar for cen-
tral one), b) electrical strain gauge in a stone slot and c) extrados gauge location. 

 

 

a) 

 

b) 

c) 

Figure 3: Total pressure cells. (a) Location, (b) circular (pier-infill) and (c) half-
moon cells (stone blocks). 

 

 Data from all sensors are collected by two acquisition systems: a 

BraggMeter unit with an optical switch and a Compact Fieldpoint unit 

from National Instruments. Both devices are connected to a router 

permitting remote data transmission by GPRS/UTMS to a server at 

FEUP where results are stored in a database accessible by internet. 

The whole monitoring system is described in detail in [8] and and [9]. 

 After instrumentation installation, calibration and whole system 

testing, the bridge load test was carried out using four trucks loaded to 

their maximum capacity around 39 ton arranged in 3 different config-

urations to reach the most demanding structural effects [9]. 

E6I

Section view 1
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 For the load arrangement inducing the most unfavourable effects, 

the expressivest results refer to the pressure values obtained from cell 

readings as shown in Figure 4a), where vertical alignments correspond 

to the stopping positions also identified in the figure.  

 

a) 

 

 

 b) 

Figure 4: Load test results for arch 4 and load arrangement 1: (a) Stress evolution 
(kPa) in load cells C4 to C7, for all vehicle positions (b) e.g. of truck arrangement. 

  
As expected, the most demanding situation was reached for truck rear 

axles located right above the arch crown; positive values refer to com-

pression increase as detected in the arch 4, the most instrumented one 

and exhibiting more pronounced effects. The response confirms the 

high bridge stiffness, consistent with the very low deformations rec-

orded: 0.31mm for the vertical deflection and joint closure of 0.16mm 

at the crown of arch 4. 

 Long term monitoring was also made available since May 2006, 

during about 5 years. Simultaneously, several numerical simulations 

were performed to simulate the response of the load test, using the 

general purpose computer code CAST3M [10] and finite element 

modelling strategy reported in [8] and [11]. 

 

3.2 The Bolhão Market  
  
 The Bolhão Market was built between 1914 and 1917 in Porto, Por-

tugal, and was listed as a Public Interest construction in 2013. The 

building is currently severely degraded even though it maintains its 

original function as the main market of fresh products in the city. It is 
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located in a city block limited by four streets in the Porto downtown 

area (Figure 5a). The building layout was adapted to the local site to-

pography which varies about 6.0m between the north and south sides’ 

streets. Given this slope, the building height at the south entrance is 

close to 15.0m (Figure 5b), thus about twice the building height at the 

north side. Therefore the building develops in two stories which ac-

commodate that slope in order to provide two main accesses: one at 

the south side for the 1st story, i.e. the ground level, and another from 

at north side for the 2nd story gallery.  

 

 a)  b) 

Figure 5. (a) Aerial view and (b) South side entrance of the Bolhão Market. 
 

 A structural survey of the Bolhão Market was carried out as part of 

a rehabilitation project being developed for the building. Since design 

and construction documents about the buildings were not found, hav-

ing a detailed survey was essential to perform a structural safety as-

sessment due to the existing structural damage. A survey of the build-

ing geometry, materials and level of existing structural damage was 

then carried out by IC-LESE-FEUP [12].  

 The vertical structure of the building is mostly made of granite ma-

sonry walls complemented with cast iron columns supporting the gal-

lery and RC columns in some internal areas. On the other hand, the 

horizontal structure of the 2nd story is entirely made of RC beams and 

slabs, while the roof structure is made of timber trusses. For the sake 

of brevity, the current analysis only addresses the RC elements, name-

ly the beams and slabs of the RC 2nd story structure. Based on the in-

formation obtained from the survey, those were the elements leading 

to greater structural safety concerns. 

 The beams are arranged orthogonally defining a structural grid of 

main and secondary beams which set the slab panels’ boundaries. The 
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main beams (with larger cross section) overcome the gallery transver-

sal span (about 5.0m) while the secondary beams are supported by the 

main ones (Figure 6). Some beams were seen to have a composite 

cross section with an I-shaped steel profile embedded in the concrete. 

The slab panels of the story are 2.0 × 3.0m2 except the peripheral pan-

els which are 2.0 × 2.0m2 (Figure 6), but all the panels are made of 

solid slabs with 0.10m thickness. Although the structural thickness of 

the slabs was considered to be 0.10m, an additional 0.10m thick layer 

of concrete was also found on top of the structural thickness. This ad-

ditional layer was made with a different type of concrete but its con-

tribution to the overall mechanical behavior and stiffness of the slabs 

was found to be significant.  

 

   
Figure 6. RC beams and slabs of the 2nd story structure of the Bolhão Market. 

 

 Based on the survey that was carried out, these structural elements 

were found to be in a reasonable conservation state since they were 

still able to maintain their structural function. Nevertheless, several 

beams exhibited concrete spalling and reinforcement corrosion. In 

some of these beams, the embedded steel profile was already visible 

and showed obvious signs of corrosion while the steel reinforcement 

bars also evidencing a reduction of their cross section (Figure 7a). 

Furthermore, in some areas of the 2nd story gallery floor, the RC struc-

ture exhibited visible levels of vertical deformation and relative dis-

placements (Figure 7b). After carrying out a geotechnical analysis, 

this damage was found to be related to the occurrence of differential 

settlements of the foundations since part of the building was con-

structed over a landfill layer about 15.0m thick [12]. Due to the re-

ferred corrosion of some RC elements and to the deformations in 

some parts of the gallery, several areas of the gallery were shored as a 

precautionary measure (Figure 7b). 
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a)      b) 
Figure 7. (a) Corroded steel profile and reinforcement bars of the beams of the 2nd 
story structure; (b) Vertical deformations and shoring of the 2nd story gallery floor. 

 

 Beyond the elements’ geometrical survey, the position, depth and 

bar size of concrete reinforcement was also analyzed by visual inspec-

tion in elements exhibiting concrete spalling and also using electronic 

rebar detectors. Data obtained using these devices was validated by 

chipping the concrete cover layer in some elements. Based on this 

survey, comprehensive information was obtained regarding the beam 

and slab reinforcement details.  

 Regarding the concrete strength characterization, since results from 

previous concrete compression tests carried out in cores extracted 

from the building were available [13], additional cores were not ex-

tracted to avoid causing further damage to the structure. Therefore, 

only non-destructive tests were carried out with a rebound hammer to 

analyze the variability of the concrete quality and to partially validate 

the expected concrete strength. Carbonation measurements were also 

carried out in RC elements and carbonation depth was found to be 

lower than 1cm. 

 When dealing with the structural safety assessment of older RC 

structures, one of the difficulties lies in the ability to represent their 

complex structural behavior as realistically as possible. This difficulty 

is often amplified by the fact that part of the data available to carry out 

the assessment is limited and/or uncertain. Structural surveys and 

technical inspections of course play a fundamental role in this assess-

ment since the necessary critical information can be obtained from 

those procedures. However, time and budget restrictions, as well as 

the need to carry out a limited amount of destructive survey opera-

tions, may bound the effectiveness of these procedures. As such, 
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quantifying the structural safety is often a challenge requiring struc-

ture-specific procedures.  

 As mentioned, structural safety concerns in the Bolhão Market 

were mostly felt regarding the 2nd story RC structure, given its level of 

damage and degradation. A first step towards evaluating its structural 

safety consisted in analyzing the behavior of one slab panel assuming 

conservative hypotheses in terms of the slab’s effective structural 

thickness, support and boundary conditions (i.e. the slab was assumed 

to be a 0.10m thick one-way slab supported by the main beams and no 

continuity was considered between adjacent slab panels). Although 

this preliminary analysis suggested the slab panel was grossly unsafe, 

the lack of visible signs of flexural damage in the slabs emphasized 

the over conservativeness of this outcome. Therefore, this result was 

believed to be too unrealistic and analyzing the true behavior and safe-

ty level of the floor structure was found to require a more comprehen-

sive modelling approach. This approach would need to capture the 

true load transfer mechanisms of the structure as well as the interac-

tion between the grid of beams and the slab panels.  

 A detailed numerical model of the floor structure was then devel-

oped to capture the joint behavior of the grid of beams and the slab 

panels. Nevertheless, several aspects of the model having a significant 

impact on the structural safety assessment results remained uncertain: 

How much of the slab’s additional layer of concrete with different 

characteristics contributes to the stiffness and strength of the slab? 

What is the true mechanical behavior of the materials given their dam-

age, level of cracking and age-related degradation? How much of the 

floor’s true behavior is affected by the existing vertical deformations?  

 Despite the importance of these factors, the numerical model pro-

vided a more realistic representation of the behavior. Furthermore, af-

ter several structural safety assessments based on that modelling ap-

proach and using different scenarios of the uncertain factors, a range 

of the structure’s maximum admissible vertical load was obtained. 

Still, the results did not provide an objective measure of the available 

margin of safety. Thus, several load tests were carried out in part of 

the RC 2nd story structure up to a certain target level of loading in or-

der to assess the strength of the structure and its corresponding verti-

cal deflection.  
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 The load tests were carried in three areas of the 2nd story gallery 

floor and their objective was to assess the structural behavior under 

stepwise increasing distributed static loads. The load was increased up 

to levels between 2 to 3 times the live load value defined by the cur-

rent Portuguese standard (i.e. 4kN/m2). The floors were loaded using 

interconnected water reservoirs that were gradually filled and the load 

levels were measured using a flow meter. The floor deflections were 

measured using LVDT transducers and potentiometer-type displace-

ment transducers placed below the floors and beams or above them, 

depending on access restrictions. According to the structural meas-

urements that were obtained, the structural behavior of the floors was 

found to be mostly linear elastic and the vertical deflection levels were 

very low (e.g. for a load level of 1100kg/m2, an average deflection of 

about 0.7mm was obtained). Based on the load test results, the RC 

structure of the 2nd story was found to exhibit adequate levels of struc-

tural safety according to the load levels that are established by current 

standards.  

 

3.3 The Guimarães Castle  
  
 The Guimarães Castle (Figure 8a) is one of the most important Por-

tuguese monuments and a symbol of Portugal as an independent na-

tion. This medieval castle is located in the municipality Guimarães 

and is listed as a National Monument. The castle structural elements 

are mostly made of finely dressed granite masonry blocks siting on 

granitic outcrops. About 50 years ago, a few stone formations were 

cut using explosives to create a pedestrian path around the castle walls 

which may have weakened the structure foundations. One of the castle 

towers, named T1, exhibited joint openings and a V-shaped global 

fracture with a vertex pointing to the corner of two orthogonal walls 

which suggested the occurrence of possible important deformations 

and detachment of the corner (Figures 8b and 8c). Additionaly, some 

of the T1 North wall stones were cracked, which is likely to have been 

caused by excessive stone compression, resulting from stresses’ in-

crease due to the wall corner instability [14]. At the referred corner of 

tower T1, the outcrop has a height close to 3.5m and exhibits cracks 

and considerable damage at the base. The location of the cracks is 
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consistent with the direction of the joint openings seen in the North 

wall where this damage is more intense. Since the damages found in 

the tower were considered to be caused by the changes made to the 

stone outcrop supporting the tower, the progression of these damages 

could be contained by stabilising the stone outcrops. To validate these 

conclusions, the stone outcrops were stabilized and the tower was 

monitored for a period of three years.  

 The intervention involved consolidating the stone outcrop support-

ing the tower, closing and pointing the open joints of the masonry 

walls to prevent water from entering the interior of the structure, and 

implementing a monitoring plan for the walls that would allow the 

identification and quantification of possible movements of the struc-

ture. The consolidation consisted in nailing these rock formations to 

the firm bedrock below them to contain their deformations [15]. The 

orientation of the nails was defined in order to ensure the full com-

pression of both faces of the cracked stone, thus preventing the occur-

rence of sliding (Figure 9a). Some stone material was also replaced in 

some specific areas of the outcrop to ensure a more stable support and 

to prevent the development of rainwater paths that could lead to its 

degradation. 

 

 a)  b)  c) 
Figure 8. (a) View of the Castle of Guimarães; (b) Detachment of the corner of tow-

er T1; (c) Cracks in the supporting stone outcrops. 
 

 The monitoring plan of tower T1 was developed to ensure its con-

tinuous monitoring during three years and to quantify the relevant 

movements of the structure over time, namely the opening of joints 

and the overall displacements [16]. The continuous output of the be-

haviour measures were then analysed to assess the need to strengthen 
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the tower. The location of the monitoring sensors was defined accord-

ing to the damage found in the tower and the expected deformations 

(Figure 9b). The selected sensors include four electrical displacement 

transducers (commonly known as linear voltage differential transduc-

ers – LVDT) to measure joint openings, one bidirectional clinometer 

to monitor the rotations and a temperature sensor to relate the sensors 

measurements to the seasonal evolution of temperature. The moni-

tored data was transmitted using a broadband wireless network to the 

IC-LESE-FEUP laboratory where the data was analysed. 

 Based on the analysis of the three years of data, the deformations 

registered were seen to be very low. Furthermore, the variation of 

those deformations over time was consistent with the seasonal varia-

tions of temperature. In the overall, the analysis of the data also led to 

the conclusion that the stabilization of the stone outcrop was sufficient 

to stabilise the deformations of the masonry walls of tower T1. 
   

 a)      b) 
Figure 9. (a) Schematics of the stabilisation intervention; (b) Sensors installed in 

the walls of tower T1. 

 
4. Final comments 

 
 The experimental assessment of the structural behaviour of existing 

heritage construction is of paramount importance, as a decision tool to 

the support the intervention or non-intervention option in a given re-

habilitation process. Typically, this can be made at a given short-time 

period (or instants), such as in the case of load tests, or during larger 

S
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time windows normally associated with structural monitoring, either 

continuously or discrete in time. 

 In this framework, a few case-studies were briefly reported above 

for which IC-LESE-FEUP have designed, developed and implemented 

monitoring systems allowing for continuous survey of their structural 

response and, in some of them, to support the decision about the real 

need for possible interventions. A brief overview was given concern-

ing the most relevant issues about monitoring, systems and options, as 

well as the most important outcomes from the monitoring results and 

their impact on the stakeholders’ decisions, in order to emphasize the 

importance of these tools for heritage preservation. 
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Seismic behaviour of a caisson supporting a bridge pier 
 

Domenico Gaudio1, Sebastiano Rampello1 

 

 

Abstract 
This paper shows the results of 3D FE coupled dynamic analyses 

carried out in the time domain to study the seismic performance of a 

rigid and massive caisson foundation supporting a slender bridge pier. 

The system is subjected to a real acceleration time history. To evaluate 

the permanent displacements induced by seismic loading soil behav-

iour was described using an elastic-plastic hysteretic model capable to 

provide a fair estimate of non linear soil behaviour and hysteretic 

damping under cyclic loading conditions. The analyses were carried 

out in terms of effective stresses in undrained conditions, thus evaluat-

ing excess pore water pressure induced by earthquake loading. Dis-

placement and rotation time histories obtained with and without the 

bridge pier are presented. These results are compared with those com-

puted from linear equivalent free-field analyses. 
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1.  Introduction 
 

  The problem of dynamic soil-structure interaction for caisson foun-

dations supporting bridge piers has increasingly been investigated dur-

ing the last 10 years with the main objective of evaluating the seismic 

performance of the soil-caisson-pier system in the framework of the 

performance-based design. 

  Seismic performance of the caisson-bridge system can be defined 

by specific threshold values of earthquake-induced displacements or 

rotations, to be compared with the corresponding maximum and per-

manent values attained during and at the end of the seismic event: 

these can be calculated via direct or simplified methods. In the direct 

methods, the whole system is modelled and the analyses are typically 

carried out in the time domain with 3D Finite Element (FE) or Finite 

Difference (FD) methods, while in the simplified methods (e.g.: the 

substructure method) soil and structure responses are decoupled and 

evaluated in the frequency domain in different calculation phases. In 

the scientific literature, extensive use of simplified methods has been 

done: specifically, many authors have studied the problem using the 

substructure method (e.g.: Gerolymos and Gazetas, 2006; Tsigginos et 

al. 2008), in which linear viscous-elastic soil behaviour is assumed 

and a harmonic excitation with angular frequency  is adopted as in-

put motion. Results are usually expressed in terms of maximum cais-

son and pier displacements or rotations versus frequency ratio a0, that 

expresses the ratio of caisson height H to wavelength . It is well 

known that this approach is valid only under the hypothesis of linear 

behaviour of all the components of the system; besides, the seismic 

input motion is described using harmonic excitations with given angu-

lar frequencies .  

  Other studies that follow the direct method are available in the lit-

erature: for instance, Gerolymos and Zafeirakos (2015) have carried 

out 3D FE dynamic analyses in the time domain, but in terms of total 

stresses thus obtaining maximum and permanent displacements ne-

glecting the two-phase nature of the foundation soils. 

  In this paper, the seismic behaviour of a rigid and massive caisson 

supporting a slender pier is studied. To evaluate the permanent dis-
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placements accumulated until the end of the earthquake, soil behav-

iour has been described using an elastic-plastic hysteretic model avail-

able in the library of the 3D FE code PLAXIS 2013, the Hardening 

Soil with Small Strain Stiffness (Benz, 2006). The system is subjected 

to a real acceleration time history. The results, expressed in terms of 

permanent displacements and rotations, are compared with those 

computed with linear free-field analyses. The maximum value of the 

horizontal seismic coefficient used in the pseudo-static approach to 

design the caisson with adequate safety against ultimate limit states is 

also evaluated. 

 

2.  Problem definition  
 

  Figure 1 shows the problem layout. The behaviour of the soil-

caisson-pier system is studied in the transverse direction. A linear 

elastic reinforced concrete caisson of height H = 15 m and diameter D 

= 15 m, supporting a bridge pier of height hs =30 m, is embedded in a 

10 m thick gravelly sand and a 50 m thick silty clay.  
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Figure 1. Schematic layout of the problem  

 

  Purely frictional interface elements with Mohr-Coulomb failure cri-

terion are introduced at the soil-caisson contacts to simulate geometric 

nonlinearities such as possible relative sliding: the friction angle at the 
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caisson-soil interface is assumed equal to  = tan-1[2/3(tan ')]. The 

profile of pore water pressure is hydrostatic with the water table locat-

ed at a depth zw = 5 m. The pier is modelled as a linear elastic single-

degree-of-freedom system, with a lumped mass ms = mdeck + 0.5 mpi-

er = 1416 Mg applied at the top; the pier cross section is a hollow rec-

tangle with sides L = 7 m, B = 3 m and thickness s = 0.3 m. The re-

maining mass of the pier is applied at the caisson head, to reproduce 

the correct initial stress state inside the foundation soil. The input mo-

tion is the East-West component of Tolmezzo, Diga Ambiesta, accel-

eration time history: its main characteristics are reported in Table 1, in 

which IA is the Arias intensity, TD is the significant duration, Tm is the 

mean period (Rathje et al., 1998) and Tp is the dominant period. 

 

Table 1. Main characteristics of the input motion  

amax,inp (g) IA (m/s) TD (s) Tm (s) Tp (s) 

0.316 1.17 5.22 0.50 0.64 

 

The profiles of overconsolidation ratio OCR and small-strain shear 

modulus G0 assumed for the foundation soils are shown in Figure 2. 

For both the gravelly sand and the silty clay OCR has been evaluated 

using the Mayne and Kulhawy (1982) relationship, while G0 profiles 

have been evaluated using the empirical relationship proposed by 

Hardin and Richart (1963) for the sand layer and the one given by 

Rampello et al. (1995) for the clay layer. The mechanical properties of 

soils are listed in Table 2, where IP is the plasticity index,  is the unit 

weight, c′ and ′ are the effective cohesion and the angle of shearing 

resistance, and k0 is the coefficient of earth pressure at rest. 

 

Table 2. Mechanical properties of foundation soils  

Soil IP (%)  (kN/m3) c′(kPa) ′ (°) OCR k0 

Gravelly 

sand 
- 20 0 32 1.0 0.47 

Silty clay 25 20 30 26 3.7 – 1.6 1.0 – 0.7 
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Figure 2. OCR and G0 profiles  

 

A 3D view of the model is shown in Figure 3; only half of the domain 

is modelled, thanks to the symmetry of the problem. In the static anal-

yses the vertical boundaries were restrained horizontally, while the 

base of the mesh was restrained both horizontally and vertically.  

 

 
Figure 3. 3D view of the model as implemented in the analyses 
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3.  Pseudo-static analysis 
 

  To verify the assumed caisson dimensions and to have a fair esti-

mate for the mobilisation degree of the shear strength around the cais-

son during the seismic event, preliminary 3D pseudo-static analyses 

have been carried out. Pseudo-static forces have been evaluated by 

performing a ground response analysis in free-field conditions with 

the code MARTA (Callisto, 2015), in which the soil behaviour is as-

sumed to be nonlinear viscous-elastic. The curves assumed for shear 

modulus decay and damping ratio variation are those proposed by 

Seed and Idriss (1970) for the sand and Vucetic and Dobry (1991) for 

the clay. Spectral accelerations thus obtained, at a depth z = 5 m, are 

plotted in Figure 4 together with those related to the input motion.  

 

 
Figure 4. Spectral acceleration computed in free-field conditions  

 

  With the fixed-base period of the pier T0 = 0.74 s a spectral accel-

eration Sa = 0.99 g is evaluated: the actions at the caisson head are the 

horizontal force Ts = ms∙Sa = 13.8 MN and the moment Ms = T∙hs = 

413.8 MNm, together with the vertical force Ns = (mdeck+mpier)∙g = 

16.0 MN. In the analyses, the caisson is wished in place. The analyses 

stages involve: caisson activation; drained application of vertical loads 
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to simulate pier and deck constructions; and undrained application of 

pseudo-static forces Ts and Ms to describe earthquake effects. A mate-

rial safety factor ' = 1.22 was evaluated via a c-' reduction analysis, 

this corresponding to mobilisation of about 80% of the available shear 

strength, with the relevant contours shown in Figure 5. It can be seen 

that active limit conditions are attained on the left of the caisson while 

passive limit conditions are not yet reached on the right. 
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Figure 5. Contours of mobilised shear strength 

 

4.  FE model calibration for dynamic conditions 

 

4.1. FE viscous-elastic response analysis in free-field conditions 

 

  The 3D FE analyses have been preliminarily calibrated for dynamic 

conditions against the aforementioned 1D ground response analysis 

carried out with the linear equivalent method. Specifically, a square 

soil column with sides length l = 10 m and height h = 60 m was con-

sidered in the FE analyses. The ground response analysis was per-

formed assuming a linear viscous-elastic soil behaviour, using the op-

erative values of shear modulus G and damping ratio  arising from 

the 1D response analysis in which the soil is assumed to behave as a 

nonlinear viscous-elastic material. 
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  The dynamic boundary conditions have been introduced using the 

tied-nodes approach (Amorosi et al., 2010), that is imposing the same 

horizontal displacements to the vertical planes normal to the direction 

of input motion, while the horizontal displacements normal to the oth-

er two vertical planes were fixed. At the model base, all displacements 

are fixed. Pressures profiles corresponding to the initial horizontal ef-

fective stresses are applied at the column sides to restore the stress 

equilibrium perturbed when switching from the static to the dynamic 

phase. The maximum vertical distance between two adjacent nodes 

was zmax < min/7, where min is the minimum wavelength of the in-

put motion (Kuhlemeyer and Lysmer, 1973). The Newmark implicit 

method is employed as time integration scheme adopting the medium 

acceleration method to ensure the algorithm be unconditionally stable 

( = 0.25,  = 0.5). 

  The profiles of maximum acceleration ratio amax/amax,inp and shear 

strain max are plotted in Figure 6: the numerical results are seen to be 

in a very good agreement with those deriving from the 1D response 

analyses, this confirming the good calibration of the model. 

 

 
Figure 6. Results of response analyses assuming viscous-elastic soil behaviour 
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4.2. FE nonlinear ground response analysis in free-field conditions 

 

  FE ground response analyses have been then carried out switching 

from a linear viscous-elastic to an elastic-plastic hysteretic soil behav-

iour, described by the Hardening Soil with Small Strain Stiffness mod-

el (Benz, 2006). Specifically, shear modulus decay and variation of 

damping ratio with shear strain have been calibrated against the curves 

used in the previous viscous-elastic response analyses, choosing ap-

propriate values of 0.7 and Gur/G0, where 0.7 is the deformation at 

which the secant shear modulus is reduced to about 70% of G0 and Gur 

is the unloading-reloading shear modulus. Besides, a viscous damping 

ratio  = 1 % with the Rayleigh formulation has been added to attenu-

ate the soil response at very small strains and reduce spurious high-

frequency noise. The dynamic calculation has been carried out in un-

drained conditions and in terms of effective stresses, for both the sand 

and the clay layers. 

  Analysis results, expressed in terms of maximum acceleration ratio 

amax/amax,inp and maximum shear strain max are plotted in Figure 7. 

With respect to the profiles obtained from linear viscous-elastic anal-

yses, higher values of amax/amax,inp and max are computed for depths 

z ≥ 20 m, while lower values are observed at lower depths. This can 

be attributed to the full mobilisation of the shear strength that contrib-

utes to cut off the maximum transmitted acceleration and the shear 

strain. 

 

5.  FE coupled dynamic analyses 
 

  FE coupled dynamic analyses have been finally carried out without 

and with the bridge pier, to estimate its influence on the caisson dis-

placements and rotations. Boundary conditions for dynamic conditions 

were the same as those adopted for the free-field response analysis of 

the soil column. 

  After the initialisation of the stress state, the caisson and the pier 

were activated (wished-in-place) in drained condition, while the fol-

lowing effective stress dynamic analysis was performed in undrained 

conditions. A consolidation analysis was performed at the end of 
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seismic shaking to dissipate the excess pore pressure induced by 

earthquake loading. 

 

 
Figure 7. Results of response analyses assuming linear viscous-elastic or  nonlinear 

 elastic-plastic soil behaviour 

  

  Figure 8 shows the profiles of maximum acceleration ratio, maxi-

mum and permanent shear strain and permanent horizontal displace-

ments. Reported results refer to the 3D dynamic analyses, without and 

with the bridge pier, and to the 1D free-field analyses in which the soil 

behaviour was described either by a linear viscous-elastic or by a non-

linear elastic-plastic (HS small) model. These results are computed in 

the foundation soil, in the symmetry plane, at a distance of 0.75 m 

from the caisson edge. The main differences between the 3D and the 

1D free-field analyses are observed in the profiles of maximum and 

permanent shear strain, especially when the bridge pier is modelled. In 

the presence of the pier a maximum shear strain max  0.6% is com-

puted at ground surface, while the 1D free-field analysis performed 

assuming nonlinear soil behaviour (HS small) provides max = 0. The 

profiles of maximum acceleration ratio, instead, are not very affected 

by soil-structure interaction, being practically identical for 1D free-

field and 3D analyses, with the exception of the values computed at 
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the caisson base. Similar permanent displacements uperm are also com-

puted in the absence and the presence of the pier, these values being 

higher than those obtained from the 1D free-field nonlinear analysis.  

 

 
Figure 8. Results from 3D coupled analyses and 1D free-field analyses 

 

 

 
Figure 9. Displacement and rotation time histories computed in the absence and the 

presence of the pier 



D. Gaudio, S. Rampello 

 
238 

  Figure 9 shows the input acceleration time history together with the 

time histories of horizontal displacement and rotation computed at the 

top of the caisson, in the absence and the presence of the pier. Similar 

displacement time histories and permanent displacements at the end of 

ground motion are obtained, while much higher rotations are comput-

ed during seismic shaking in the presence of the pier. This is mainly 

due to the slenderness of the pier, that imposes a high maximum bend-

ing moment at the caisson head, Mmax ≈ 250 MNm, compared to the 

maximum horizontal force, Tmax ≈ 8.3 MN. The maximum horizontal 

displacement computed during strong motion at the pier top is about 

16 cm (udeck/hs = 5.3 ‰), while the permanent displacement at the end 

of seismic shaking is about 2 cm (udeck/hs = 0.6 ‰), that can be 

deemed a good seismic performance for the system. 

 

5.1. Equivalent horizontal seismic coefficient 

 

  The dynamic analyses provides the acceleration time histories with-

in the caisson that, due to its high stiffness, depend only on its height. 

Therefore, it is possible to estimate the maximum value of the equiva-

lent, or average, horizontal seismic coefficient kh,eq,max that is used in a 

pseudo-static analysis to compute the static equivalent force applied to 

the caisson. This permits the design of pier foundation with adequate 

safety margins against geotechnical ultimate limit states. 

  To this purpose, the caisson was divided into a number of horizon-

tal disks of height hi and cross section area Ai considering the non di-

mensional acceleration time history ki(t) = ah,i(t)/g at the mid height of 

each disk. The time history of the equivalent seismic coefficient 

kh,eq(t) was then obtained as the average of kh,i(t) weighted on the disk 

weights. For constant cross section and unit weight of the caisson this 

corresponds to  weight the average on the disk height:  

 

   
   

H

htk

W

Wtk
tk

 





iih,iih,
eqh,      (1) 

 

In the presence of the pier it was obtained a maximum value of the 

equivalent seismic coefficient kh,eq,max = 0.24. This value can be com-
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pared with those computed at ground surface, kh(gs), from the ground 

response analyses and the simplified approach indicated in the Italian 

Building code (NTC-08, Ministero delle Infrastrutture, 2008). The 

ground response analyses carried out assuming the soil as nonlinear 

viscous-elastic, or as nonlinear elastic-plastic, provides kh(gs) = 0.48 

and kh(gs) = 0.30, respectively. Following the NTC-08 indications, in-

stead, a value of kh(gs) = 0.39 is obtained for a subsoil class C and a 

maximum outcrop acceleration ag = 0.31 g, that is the maximum ac-

celeration of the input motion. In Figure 10 the ratios of kh,eq,max/kh(gs) 

are plotted as a function of kh(gs)/ kmax,inp, showing values always lower 

than 1, in the range of  0.5 to 0.8 depending on the values assumed for 

the maximum acceleration evaluated at ground surface in free-field 

conditions. 

 

 

 
Figure 10. Maximum equivalent seismic coefficient divided by the seismic coeffi-

cient at ground surface, kh,eq max/kh(gs), versus the amplification factor kh(gs)/kmax,inp 
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6.  Conclusions 
 

  The results shown in this paper have highlighted the importance of 

accounting for plastic soil behaviour to evaluate the performance of a 

caisson supporting a bridge pier. Specifically, maximum and perma-

nent displacement of the deck and of the caisson have been evaluated, 

showing a substantial increase of mobilised shear strength for the pier-

caisson system in the presence of the pier, compared with the case 

without the pier. Finally, the maximum value of the equivalent seismic 

coefficient that is used in a pseudo-static analysis of the pier founda-

tion has been evaluated, this resulting always lower than the seismic 

coefficients computed at ground surface, in free-field conditions, un-

der different assumptions. 
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Abstract 
The seismic performance of structures is usually evaluated under a 

fixed-base assumption, by applying a base slab input motion equal to 

the free-field motion, i.e. neglecting the dynamic interaction between 

the structure, the foundation and the foundation soil. Soil-structure in-

teraction results from both kinematic effects, whereby a foundation 

with no mass modifies the input motion solely by its stiffness, and in-

ertial effects, as the motion of the foundation is further modified as a 

result of the inertia actions in the structure-foundation system. Numer-

ical, experimental, and theoretical studies have shown that kinematic 

interaction can have significant effects on the dynamic behaviour of 

embedded foundations and that the motion of the foundation may dif-

fer from that in free-field conditions, depending on the frequency con-

tent of the earthquake, the geometry of the problem, and the ratio of 

the stiffness of the foundation and of the soil.  This paper deals with 

the filtering effect induced by embedded foundations on the input mo-

tion transmitted to the structure. The relevant parameters, described 

through three kinematic interaction factors, are obtained by dimen-

sional analysis of the problem.  Based on the results of 2D finite dif-

ference analyses and of a simplified 1D theoretical model, it can be 

shown that these interaction factors depend both on the ratio between 

the depth of embedment of the foundation and wavelength of the input 

signal (H/VS) and on the aspect ratio of the foundation (B/H). Sim-

plified expressions to compute the interaction factors in practice are 

proposed. 
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1. Introduction 
   

A possible approach to study the dynamic Soil Structure Interaction 

(SSI) consists in dividing the problem in two concurrent phenomena, 

namely: (i) kinematic interaction, in which a mass-less foundation 

modifies the motion of the surrounding soil solely by means of its 

stiffness, and (ii) inertial interaction, in which the motion of the foun-

dation is further modified by the inertial forces exchanged between the 

structure and the foundation.  Many authors have shown that neglect-

ing the kinematic interaction may lead to significant errors in the 

evaluation of the foundation motion (e.g. [1], [2]).  Kinematic interac-

tion is a function of the frequency of the earthquake, the geometry of 

the foundation, and the relative stiffness of the foundation and the soil. 

In many cases, it is possible to assume that the foundation is infi-

nitely rigid. In this case, a decrease of the horizontal motion (uG) rela-

tive to the free field motion (uff) is induced by the filtering effect, but a 

rotational motion (G), depending on the depth of embedment, H, and 

on the aspect ratio of the foundation, B/H, where B is the foundation 

width, may be induced by soil-structure interaction.  To evaluate the 

result of the filtering effect, two interaction factors, i.e., frequency-

dependent transfer functions relating the harmonic steady-state motion 

experienced by the foundation to the amplitude of the corresponding 

free-field surface motion, are generally introduced, namely: 

- Iu = uG/uff  quantifying the reduction of the horizontal motion rela-

tive to the free-field motion; 

- IGH/uff  quantifying  the rotational motion induced by soil 

structure interaction. 

Many works on the filtering effect induced by rigid embedded founda-

tion with no mass immersed in a visco-elastic homogeneous half-

space (e.g. [6], [7]) can be found in the literature. From the point of 

view of engineering applications, two expressions were proposed by 

[3] to evaluate the filtering effect induced by rigid embedded founda-

tions: 
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In this work, the filtering effect induced by a rigid embedded founda-

tion subjected to vertically propagating SH waves was studied, using a 

combination of 2D and 3D numerical analyses and theoretical models. 

 

2. Problem definition and dimensional analysis 

   

The problem under examination consists of a rigid rectangular em-

bedded foundation with mass immersed in a homogeneous isotropic 

visco-elastic layer (Figure 1). Table 1 summarises the relevant physi-

cal and mechanical parameters. 

 
Table 1. Relevant physical and mechanical parameters 

  parameter dim description 

foundation motion 

uA L top displacement 

uG L base displacement 

G L0 rigid rotation 

free-field motion uff L displacement 

excitation  T-1 angular frequency 

 foundation properties 

* ML-3 mass density 

G* MT-2L-1 shear modulus 

H L embedment 

B L width 

L L length 

soil properties 
 ML-3 mass density 

G MT-2L-1 shear modulus 
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 L0 damping ratio 

Hd L depth of layer 

 

 

 
 

 
Figure 1. Embedded foundation: layout of the problem and relevant parameters 

 

By using the Buckingham’s theorem, it is possible to identify ten di-

mensionless groups that describe the filtering effect: three interaction 

factors and seven groups that consider the geometry and the mechani-

cal and physical properties of the soil-foundation system (Table 2).  

  For the sake of simplicity, this study was carried out considering an 

infinitely rigid (G/G*«1) strip foundation (H/L«1) immersed in a half-

space (H/Hd «1) under the assumption that the foundation has the same 

mass density of the soil (/ = 1). Finally, as far as the damping ratio 
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is concerned, recent works have shown that while affecting both foun-

dation and soil response, it has a minor influence on their ratios (see 

e.g., [2]). In the light of the above, it is possible to identify the three 

interaction factors governing the problem, namely Iu = uG/uff, 

Iu,top = uA/uff, and IGH/uff  and to recognise that they depend only 

on two dimensionless parameters:  

H/Vs that is the ratio between the depth of embedment of the the 

foundation and the wavelength of the input motion (=2Vs/), 

where Vs is the shear wave velocity; 

- B/H, that is the aspect ratio of the foundation. 

 
Table 2. Dimensionless groups 

group  description 

Iu:=uG/uff   

Iu,top:=uA/uff  interaction factors 

GH/uff   

H/vs  wavelength ratio 

B/H  transverse aspect ratio 

*/ (= 1) mass ratio 

G*/G (→) stiffness ratio 

 (-) damping ratio 

L/H (→) longitudinal aspect ratio 

Hd/H (→) depth ratio 

 

3.  Numerical analyses 

   

A set of 2D and 3D numerical analyses were carried out using 

FLAC 2D ([4]) and FLAC 3D ([5]). Most of the analyses were carried 

out in plane strain, while the main purpose of the 3D analyses was to 

check the applicability of the results obtained by 2D analyses even in 

cases where the three-dimensionality of the problem is not negligible. 

Table 3 summarises the analyses that were carried out. 

  In the analyses, both the foundation and the soil were modelled us-

ing linear visco-elastic solid elements. The mass density was set equal 
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to 1.835×103 kg/m3, the shear wave velocity of the soil was 

Vs = 100 m/s and the stiffness ratio was Gs
*/Gs = 100, to achieve the 

rigid foundation assumption. Rayleigh viscous damping was intro-

duced with a minimum damping ξmin=1.8% at f = 2.5 Hz. 

 
Table 3. Sets of the analyses 

Analysis H [m] B [m] L [m] 
B/H 

[-] 
VS [m/s] b [m] h [m] 

1 12 3 - 0.25 100 201 39 

2 12 6 - 0.5 100 201 39 

3 12 12 - 1 100 201 39 

4 12 24 - 2 100 321 39 

5 12 48 - 4 100 480 39 

6 12 72 - 6 100 480 39 

7 6 12 - 2 100 201 39 

8 3 12 - 4 100 201 39 

9 6 6 6 1 100 66 27 

10 6 24 6 4 100 66 27 

 

  The mesh used for the 2D analyses had dimensions b×h, while in 

the 3D analyses a b×b×h mesh was used.  Free-field boundary condi-

tions were applied along the lateral sides of the mesh. For the bounda-

ry condition at the base of the mesh, viscous dashpots were applied 

and the input signal u(t) was converted into a shear stress history 

((t)=Vs�̇�(t)) and it was applied to the other side of the dashpots in 

order to enforce the half-space condition. 

  The input signal was a constant amplitude sinusoidal sweep, with 

duration of 60 s and a frequency increasing linearly with time from 

0.5 to 10 Hz. The zones of the mesh had a maximum size of 0.75 m 

close to the foundation, in order to describe correctly the minimum 

wavelength of the applied signal (min =Vs/fmax =10 m). 

  The rigid rotation of the foundation was computed as (vr(t)-vl (t))/B, 

where vr(t) and vl(t) are the vertical displacements at the right and left 

corners of the foundation base, respectively.  The free field motion, uff, 

was obtained from a one-dimensional analysis. 
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  As an example, Figure 2 shows (a) the Fourier amplitudes of uG(t) 

and uff(t) together with the modulus of Iu, and; (b) the Fourier ampli-

tudes of θG(t) and uff(t) together with the modulus of Iθ obtained from 

Analysis 3. 

 

 
Figure 2. 2D numerical analyses. Interaction factors for B/H=1: (a) |Iu| and (b) |Iθ| 

 

Figure 3 shows the comparison of the interaction factors obtained by 

2D and 3D analyses as a function of the dimensionless frequency 

H/Vs for different values of the aspect ratio B/H. The numerical re-

sults confirm two essential findings: 

- the interaction factors depend solely on the aspect ratio of the 

foundation, B/H, and not individually on B and H; 

- 2D results apply also for cases in which the third dimension is not 

negligible. 

Figure 4 shows the three interaction factors as a function of H/Vs for 

different values of the aspect ratio B/H together with the free field so-

lution that represents the limit solution for B/H≪1 (see Appendix). 

The results suggest the following: 

- all the interaction factors depend on the aspect ratio; 

- |Iu| decreases substantially with increasing H/Vs for values of 

H/Vs  < 2; 

- |Iθ| decreases with increasing aspect ratio B/H; 

- for   ≥ 4 the rotation of the foundation becomes negligible, so 

|Iu| and |Iu,top| take the same value. 
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In the light of the last two points above, it seems that a 1D condition is 

achieved. In this case, the motion of the foundation is the same on the 

base and on the top (|Iu|→|Iu,top|, |I|→0). 

 

 
Figure 3. Comparison of the interaction factors between 2D and 3D analyses for 

two different values of B/H: B/H=1 (a), (b) and (c) respectively |Iu|, |Iu,top| and |Iθ|; 

B/H=4 (d), (e) and (f) respectively |Iu|, |Iu,top| and |Iθ| 
 

 

Figure 4. 2D numerical analyses: Interaction factors: (a) |Iu|, (b) |Iu,top| and (c) |Iθ| 
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4.  1D theoretical model and 2D simplified relations 

   

Figure 5 shows the 1D theoretical model adopted to derive the limit 

condition to which the numerical results tend for B/H ≫1. The foun-

dation is represented by a layer of thickness H resting on a soil layer 

with thickness (Hd - H). Both layers are visco-elastic. Working in the 

frequency domain, it is possible to calculate the interaction factors as 

transfer functions: 

 

𝐼𝑢,𝑡𝑜𝑝 ∶=
𝑢𝐴

𝑢𝑓𝑓
=

2

(1−𝛼∗)∗cos(
𝜔

𝑉𝑠
(𝐻𝑑−𝐻)−

𝜔

𝑉𝑠
∗ 𝐻)+(1+𝛼∗)∗cos(

𝜔

𝑉𝑠
(𝐻𝑑−𝐻)+

𝜔

𝑉𝑠
∗ 𝐻)

    (3) 

 

𝐼𝑢 ∶=
𝑢𝐺

𝑢𝑓𝑓
=

2 cos(
𝜔

𝑉𝑠
∗𝐻)

(1−𝛼∗)∗cos(
𝜔

𝑉𝑠
(𝐻𝑑−𝐻)−

𝜔

𝑉𝑠
∗ 𝐻)+(1+𝛼∗)∗cos(

𝜔

𝑉𝑠
(𝐻𝑑−𝐻)+

𝜔

𝑉𝑠
∗ 𝐻)

     (4) 

 

in which 𝛼∗ is the complex dynamic impedance ratio. For an infinitely 

rigid upper layer (𝐺/𝐺∗  ≪ 1), resting on a half-space (𝐻/𝐻𝑑 ≪ 1) 

and assuming that both layers have the same mass density (𝜌/𝜌∗ = 1), 

the damping ratio 𝜉 ≪ 1, and the angular frequency 𝜔 < ∞, eqs. (3) 

and (4) become: 

 

𝐼𝑢,𝑡𝑜𝑝 = 𝐼𝑢 =
1

1+𝑖
𝜔𝐻

𝑉𝑠

        (5) 

The modulus of the interaction factors is: 

 

|𝐼𝑢,𝑡𝑜𝑝| = |𝐼𝑢| =
1

√1+(
𝜔𝐻

𝑉𝑆
)

2
       (6) 

|𝐼𝑢 (
𝜔𝐻

𝑉𝑠
,

𝐵

𝐻
)| =

𝑎1

√1+(
𝜔𝐻

𝑉𝑠
)

2
+ (1 − 𝑎1) |cos (

𝑎2𝜔𝐻

𝑉𝑠
)|    (7) 

|𝐼𝜃 (
𝜔𝐻

𝑉𝑠
,

𝐵

𝐻
)| = 𝑎3 (1 − cos (

𝜔𝐻

𝑉𝑠
))     (8) 
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  The interaction factors for different values of the aspect ratio B/H, 

obtained by numerical analyses, can be expressed as a linear combina-

tion of the solutions obtained for the two limit conditions B/H≪1 and 

B/H≫1:  

|𝐼𝑢,𝑡𝑜𝑝 (
𝜔𝐻

𝑉𝑠
,

𝐵

𝐻
)| =

1

√1+𝑎4
2(

𝜔𝐻

𝑉𝑠
)

2
      (9) 

 
Figure 5. 1D theoretical model with the free field column 

 

in which a1, a2, a3 and a4 are functions of the aspect ratio B/H (see 

Appendix). 

  Figure 6 shows the comparison between the numerical results and 

the proposed simplified expressions for different values of the aspect 

ratio B/H. 

 

 
Figure 6. Numerical interaction factors (continuous lines) with proposed  

expressions (dashed lines) together to the limit conditions (black lines) 

 

  Although this work was conducted with an embedded foundation 

with mass, so that the interaction factors obtained are not strictly kin-



On the filtering effect induced by embedded foundation 253 

ematic, it is clear that the kinematic interaction factors must depend 

not only on the dimensionless frequency, but also on the aspect ratio 

B/H. This remark is in contrast with the expressions chosen to evalu-

ate the kinematic interaction factors available in the literature ([3]). 
 

Appendix 

 

The kinematic interaction factors in free field condition are ([8]): 

 

|𝐼𝑢
𝑓𝑓

| = |cos (
𝜔𝐻

𝑉𝑠
)|               (A1) 

 

|𝐼𝜃
𝑓𝑓

| =
𝜃𝑓𝑓𝐻

𝑢𝑓𝑓
= |1 − cos (

𝜔𝐻

𝑉𝑠
)|             (A2) 

 

|𝐼𝑢,𝑡𝑜𝑝
𝑓𝑓

| = 1                (A3) 

 

𝜃𝑓𝑓 =
𝑢𝑓𝑓(0,𝜔)−𝑢𝑓𝑓(𝐻,𝜔)

𝐻
              (A4) 

 

The coefficients a1, a2, a3 and a4 used for defining the simplified ex-

pressions (from eq. (6) to eq. (8)) are: 

 

𝑎1(𝐵/𝐻 ) =
(𝐵/𝐻)𝛼

𝛽+(𝐵/𝐻)𝛼 𝛼 = 1.78 𝛽 = 0.82             (A5) 

 

𝑎2(𝐵/𝐻 ) =
𝛼+𝛾(𝐵/𝐻)𝛽

𝛼+(𝐵/𝐻)𝛽  𝛼 = 0.17 𝛽 = 1.48 𝛾 = 0.80          (A6) 

 

𝑎3(𝐵/𝐻 ) =
1

1+𝛼(𝐵/𝐻)𝛽 𝛼 = 1.21 𝛽 = 2.00             (A7) 

 

𝑎4(𝐵/𝐻 ) =
(𝐵/𝐻)𝛽

𝛼+(𝐵/𝐻)𝛽 𝛼 = 0.31 𝛽 = 2.42             (A8) 
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Abstract 
The seismic soil-pile-structure interaction (SPSI) can be considered 

as the combination of two different mechanisms under dynamic load-

ings. The first one is related to the stiffness contrast between pile and 

soil (kinematic interaction), whereas the second one is due to the vari-

ation of the soil response around the foundation due to the inertial 

forces generated by the structure (inertial interaction). The evaluation 

of the contribution of each mechanical and geometrical characteristic 

of the system in the complex SPSI phenomenon is not trivial. Thus, an 

effective way to investigate such phenomenon is the analysis of the 

response of scaled physical model on 1-g an n-g devices. In order to 

do so, a set of shaking table tests is discussed in this paper. The scaled 

physical model is formed by a group of piles in a by-layer deposit 

with and without a single degree of freedom oscillator connected to 

the foundation with several configurations. This paper assesses the 

role of the foundation system on the structural response evaluated in 

terms of period elongation and damping ratio. The input considered is 

the Tolmezzo earthquake ground motion record from the Friuli 1976 

earthquake scaled at the model size. In the paper the experimental re-

sults are also compared with classical solutions available from litera-

ture. 

  

mailto:mgdurante@unisannio.it
mailto:ldisarno@unisannio.it
mailto:alsimone@unisannio.it
mailto:colin.taylor@bristol.ac.uk
mailto:george.mylonakis@bristol.ac.uk


M.G. Durante, L. Di Sarno, C.A. Taylor, G. Mylonakis, A.L. Simonelli 

 
256 

1. Introduction 
 

  Civil engineering structures are typically characterized by the direct 

contact with ground that cause a mutual interaction between the struc-

tural elements and the soil. This interaction could become significant 

in presence of earthquake motion. The mechanism in which the re-

sponse of the soil influences the response of the structure and vicever-

sa is called Soil-Structure-Interaction (SSI). The SSI is a complex 

phenomenon that can be simply considered as the combination of the 

kinematic and inertial interaction [1-3]. The kinematic interaction 

(Figure 1a) is due to the different tendency to deform of the pile com-

pared to the soil one during the shaking. The kinematic interaction can 

be significant for deep foundation, above all in presence of layered 

deposit with significant stiffness contrast among them, as observed af-

ter some strong earthquakes (e.g. Mexico City, Mexico 1985, Kobe; 

Japan 1995, Kocaeli, Turkey, 1999 Bhuj, India 2001 and Santiago, 

Chile 2010, earthquakes among many others). The inertial interaction 

(Figure 1b) is the result of the oscillation of the superstructure that 

generates additional loads at its base that are transferred to the sur-

rounding soil. This contribute can be significant for foundations with-

out large, rigid base slabs and deep embedment. 

 

 
 

Figure 1. (a) Kinematic and (b) inertial bending moments (qualitative patterns) 

(from Durante et al. 2015 [4]).  

 

  The combination of these two mechanisms is not trivial due to the 

complexity of the phenomenon itself that became more complicated 

when the non-linearity of both soil and structure are mobilized. For 



Structural response including seismic soil-pile-structure interaction 

 

257 

this reason, the most reliable analyses can be carried out using physi-

cal models can be scaled (by means of 1g or ng devices) or not (full 

scale model or recorded data at reference systems). Due to the difficult 

to obtain full scale model or well instrumented structures, in the last 

period the SSI has been studied by means of scaled model using shak-

ing table (1-g) or centrifuge (n-g) models [5-18]. 

  In this paper the complex soil-pile-structure interaction (SPSI) phe-

nomenon is investigated using the results of a comprehensive labora-

tory tests carried out on 1-g device. The experimental campaign was 

performed on the 6-degree-of-freedom 1-g shaking table of the Bristol 

Laboratory for Advanced Dynamic Engineering (BLADE) of the Uni-

versity of Bristol (UK). This research was funded by the framework of 

the Seismic Engineering Research Infrastructures for European Syn-

ergies (SERIES – www.series.upatras.gr).  

The scaled physical model is formed by a group of five piles embed-

ded in a by-layer deposit with and without a single-degree-of-freedom 

(SDOF) connected to the foundation that can be mono-pile or a group 

of piles, simulating different types of configurations. In paper the at-

tention is mainly focused on the role of the foundation system on the 

structural response evaluated in terms of period elongation and damp-

ing ratio, referring to the scaled Tolmezzo seismic motion recorded 

during the Italian Friuli 1976 event. The experimental results are also 

compared with some classical solutions available in literature.  

 

2. Experimental set-up 
 

  The soil-pile-structure interaction was studied by means of a series 

of high-quality experimental tests performed at the BLADE of the 

University of Bristol (UK). The experimental campaign has been con-

ducted in two different phases, a preliminary one (phase I) and a more 

complete one (phase II).  

 

2.1. Earthquake Simulator and Equivalent Shear Beam 

 

  The 6 dregree-of-freedom Earthquake Simulator (ES) (Figure 2) 

consists of a 3m x 3m cast aluminum platform, powered by hydraulic 

power pumps in both horizontal and vertical directions.  
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Figure 2. Earthquake simulator at Bristol University (from Moccia, 2009 [16]).  

 

  The Equivalent Shear Beam (ESB) container (Figures 3 and 4) is 

formed by eight aluminum box section separated by rubber [19]. The 

ESB container (shear-stack) is attached to the shaking table and shak-

en in its longitudinal direction. In order to generate complementary 

shear stresses between the stack end walls and the soil, the inside sur-
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face of the end walls and the rigid base are roughened to allow the soil 

to move without being affected by the presence of the ESB.  
 

 
Figure 3. Shear stack details (from Crewe et al., 1995 [19]). 

 

 
Figure 4. Shear stack at the BLADE (from Durante, 2015 [18]). 
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2.2. Scaling law 

 

  One of the first step approaching to an experimental campaign is 

the selection of the scaling laws. One of the available approach to 

scale the prototype model is based to the fact that not all the mecha-

nisms can be accurately scaled in the same test. For this reason, the 

physical phenomenon is expressed in terms of few dimensionless rati-

os on which are based the scaling laws adopted here. More specifical-

ly, the most important aspects in this study can be summarize as: (i) 

stiffness ratio between the two soil layers; (ii) characteristics of the 

Single-Degree-of-Freedom (SDOF) structure supported by the pile; 

(iii) frequency and intensity scaling of the earthquake record; (iv) pile-

soil stiffness contrast; (v) ratio of strains and accelerations in the soil 

and the pile. In this research the Muir Wood et al., 2002 [20] relation-

ships were adopted. These scaling laws (Table 1) were based on four 

fundamental factors, i.e. length, density, stiffness and acceleration.  

 
Table 1. Scale factors for single gravity models (from Muir Wood et al., 2002 [20]). 

Variable Scale Factor 
1-g  

model 

n-g  

model 

Length Lengthmodel/Lenghtprototype = nl 1/n 1/n 

Density nρ 1 1 

Stiffness nG 1/√n 1 

Acceleration ng 1 n 

Stress nρ ng nl 1/n 1 

Strain nρ ng nl/nG 1/√n 1 

Displacement nρ ng nl
2/nG 1/n1.5 1/n 

Velocity ng nl √(nρ/nG) 1/n0.75 1 

Dynamic time nl √(nρ/nG) 1/n0.75 1/n 

Frequency √( nG /nρ)/ nl n0.75 n 

Shear wave velocity √( nG /nρ) 1/n0.25 1 

Pile flexural rigidity nG nl
4 1/n4.5 1/n4 

Pile linear density nρ nl
2 1/n2 1/n2 

 

  In the case study discussed here, the reference prototype chosen is 

the same adopted in some previous studies [21-25] and reported in 

Figure 5. The prototype pile is 20 m long concrete pile with diameter 

d=600 mm and Young’s modulus Ep=25GPa. The pile is embedded in 

a 30 m soil deposit, formed by two layers of 15m each, with shear 
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wave velocity equal to 100 m/s for the top layer and 400 m/s for the 

bottom one.  

 

 
Figure 5. Reference numerical prototype (from ReLuis Report, 2008, [25]). 

 

  In this experimental campaign the ratio between the prototype soil 

depth (30 m) and the height of the test container (0.8 m), gives the 

fundamental scale factor for length (n=37.5), that allows to obtain all 

the other characteristics. Starting from this scale factor the shear wave 

velocity for the scaled model correspond to 40 m/s for the top layer 

and 160 m/s for the bottom one.  

 

2.3. Physical model characteristics  

 

  The physical model (scheme in Figure 6) is formed by a group of 

five aluminum pile embedded in a by-layer deposit.  

  The by-layer deposit is formed (in both phases) by dry Leighton 

Buzzard (LB) sand, deposited using the pluviation method (Figure 7). 

Based on previous studies [26-33] Table 2 shows the main properties 

of the LB sand. In order to achieve the desired stiffness contrast, the E 

fraction of LB sand was used for the top layer and a mix between frac-

tion B and E was used for the bottom one. More details about the soil 

deposit properties are listed in Table 3.  
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Figure 6. Scheme of the physical model (from Durante, 2015 [18]). 

 

 
Figure 7. Pluviation for the bottom and top layer (from Durante, 2015 [18]). 

 
Table 2. LB sand properties 

Materials 
s 

[kg/m3] 
emin emax D10 D50 References 

LB fraction E 2647 0.613 1.014 0.095 0.14 Tan (1990) [28] 

LB fraction B 2647 0.486 0.78  0.82 
Ling and Dietz 

(2004) [30] 

LB fraction E+B 2647 0.289 0.614   Moccia (2009) [16] 

 
Table 3. Soil layers properties (from Durante, 2015 [18]). 

Soil 

layers 

H 

[mm] 

Dr 

[%] 

γd 

[kN/m3] 

Vs [m/s] Vs2/Vs1 

Phase  

I 
Phase II 

Phase  

I 

Phase 

II 

Top LB(E) 340 28 13.63 51 54 

1.59 1.57 
Bottom 

LB(E+B) 
460 41 17.46 81 85 



Structural response including seismic soil-pile-structure interaction 

 

263 

  The five piles used in both the experimental phases consist of alloy 

aluminum tubes (commercial model 6063-T6, Young’s modulus 70 

GPa, Poisson ratio 0.3 and unit weight 27 KN/m3) with thickness 

t=0.71mm, outer diameter 22.23mm and length 750 mm. The relative 

spacing among the small group of piles is 70 mm (s/D3), while the 

other two pile are placed at a distance of 140mm.  

  The Single-Degree-Of-Freedom (SDOF) is formed by an aluminum 

column in both experimental phases and also a steel one in phase II. In 

order to achieve different dynamic response several extra masses have 

been added. All the details of the columns and the masses used are re-

ported in Tables 4 and 5.  

 
Table 4. Columns properties (from Durante, 2015 [18]). 

Column 

material 

Cross section 

[mmxmm] 

Unit weight 

[kN/m3] 

Length 

[mm] 

Young’s modulus 

E [GPa] 

Aluminum 3x12 27 
100 (phase I) 

50 -100 (phase II) 
70 

Steel 3x12 80 
100 

(phase II) 
21 

 
Table 5. Oscillator details (from Durante, 2015 [18]). 

Column details 
Total add-

ed mass [g] 

Fixed base frequency 

(ffix) [Hz] 

Damping 

[%] 

Aluminum h=100mm 

(phase I) 

75 38.0 0.7 

125 30.5 1.2 

175 26.5 0.9 

275 20.5 1.4 

475 15.0 1.2 

975 10.4 1.5 

    

Aluminum h=100mm 

(phase II) 

75 36.28 0.75 

150 27.02 0.59 

    

Aluminum h=50mm 

(phase II) 
150 60.34 0.40 

    

Steel h=100mm 

(phase II) 
300 20.37 0.45 
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  The SDOF is connected directly on the top of a pile free of rotating 

(free-head pile, FHP), or to the group of the 3 close piles with a spe-

cial foundation device (the so called short-cap, SC). Another founda-

tion device has been utilized, connecting all the five piles (the so 

called large-cap, LC).  

All the configurations tested in the experimental campaign are report-

ed in Figure 8.  

 

 
Figure 8. Tested model configurations (from Durante, 2015 [18]). 

 

2.4. Experimental procedure 

 

  In order to monitor the behavior of the whole system, several de-

vices were used in the experimental campaign. More specifically:  
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- accelerometers, to monitor the response of the shaking table, the 

shear stack, the soil, the pile heads and the superstructure;  

- Linear Variable Displacement Transducers (LVDTs) to monitor 

the horizontal displacements of the shear stack and both the hor-

izontal and vertical displacements of piles; 

- strain-gauges along the piles to evaluate bending moments and 

axial forces;  

- Indikon (only phase II) for the evaluation of the settlement of 

the deposit during the tests.  

  The locations of the above listed devices are shown in Figure 9.  

 

 
Figure 9. Model setup: accelerometers, LVDTs and strain-gauges locations (from 

Durante, 2015 [18]). 

 

  The testing procedure included three main dynamic input motions:  

- White-Noise: a random noise signal of bandwidth 0-100 Hz 

and maximum acceleration varying for each test from a mini-

mum of 0.01g to a maximum of 0.10g. The aim of the White 

Noise tests is to identify the dynamic behavior of the system;  

- Harmonic excitations: sinedwell acceleration time histories 

with a range of frequency 0-50 Hz and maximum input accel-

eration between 0.01g and 0.18g; 

- Earthquake excitations: acceleration recordings from the SIS-

MA database [34], scaled in frequency using a factor of 5 or 

12 according to the scaling laws considered in the research 

project. Three Italian records have been selected: Tolmezzo 

from the Friuli 1976 earthquake, Sturno from the Irpinia 1980 

earthquake and Nocera Umbra Biscontini from the Umbria-

Marche 1997 event. 
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3. Test results  

 

  In this paper the attention is focused on the role of the foundation 

system on the structural response. For this reason two configurations, 

relative to the three close piles 4, 5 and 3, have been considered:  

(i) Free-Head-Pile with oscillator on top of the central pile 5 

(FHP+SDOF – Figure 8.4);  

(ii) Short-Cap configuration with oscillator in correspondence of the 

central pile (SC+SDOF – Figure 8.6).  

  The input considered for all the configurations analyzed here is the 

Tolmezzo ground motion scaled at the model size with a frequency 

factor equal to 12. The main characteristics of the input are reported in 

Table 6. The difference between the actual signal and the scaled one is 

shown in Figure 10.  

 
Table 6. Tolmezzo motion details 

Input Motion ID 
PGA 

[g] 

Significant 

 duration[s] 

Arias  

Intensity [m/s] 

Predominant  

frequency [Hz] 

Tolmezzo 

(Friuli 1976) 
A270 0.315 4.895 1.2 1.56 

 

 
Figure 10. Unscaled and scaled time series for Tolmezzo input motion (modified 

from Durante, 2015 [18]). 

 

  In order to study the system considering several strain levels, the 

original input motion has been scaled also in terms of maximum ac-

celeration. In this paper only the results relative to PGA equal to 0.1g 

are reported. Figure 11 shows the comparison between the scaled in-

put motion and the actual one recorded on the shaking table during the 

tests: the mismatch between the two signals is related to the procedure 
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used to convert the accelerations into displacements, necessary to 

transfer the input to the shaking table actuators. 

 

 
Figure 11. Scaled versus recorded input acceleration time series (modified from 

Durante, 2015 [18]). 

 

  The oscillator considered is the one formed by the 100 mm alumi-

num column and the 150g mass, with a fixed base frequency equal to 

27.02 Hz and fixed base damping equal to 0.59 (see Table 5).  

  Figure 12 shows the comparison of the system response for the two 

different configurations, excited by the scaled Tolmezzo motion: soil 

response, in terms of horizontal accelerations (Figure 12a), and pile 5 

bending (Figure 12b), versus depth.  

 

 
Figure 12. Envelope of absolute maximum soil acceleration (a) and bending mo-

ments along pile 5 (b) for Tolmezzo input motion (SF 12 – PGA 0.1g) 
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  Figure 12a shows the soil response in the so-called free-field condi-

tion, by means of the accelerogram vertical array located enough far 

from piles and stack walls (see Figure 9). As expected, both the con-

figurations do not affect the free-field response of the soil. On the con-

trary, the two configurations (FHP and SC) induce huge effects on pile 

response (Figure 12b): the maximum bending moment at the pile head 

in the FHP+SDOF configuration is significantly higher, due to the in-

ertial effects of the oscillator on the single pile. Such effects, in the 

SC+SDOF configuration, are absorbed by the three piles, hence the 

bending is much lower. Bending moments decay towards the soil in-

terface; moments are always smaller in the SC+SDOF configuration, 

because of the restrain at the pile head. Below the soil interface the re-

sponse of the pile is not affected by the type of configuration.  

  Figure 13 shows the bending moment time-histories at pile 5 head 

and the accelerations of the SDOF mass (at the top of the oscillator) 

for FHP+SDOF and SC+SDOF configurations. It is worthwhile noting 

that the moments are much lower in the SC+SDOF configuration (as 

already shown in Figure 12, because of the redistribution among piles) 

notwithstanding the acceleration time-histories of the SDOF masses 

are similar for both the configuration (right side of Figure 13).   

 

 
Figure 13. Time series of the bending moment at pile head (left) and acceleration of 

the oscillator mass (right) for the FHP+SDOF (blue) and SC+SDOF (red) configu-

rations for Tolmezzo input motion (SF 12 – PGA 0.1g) 
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  The restrain at the oscillator base (almost fixed base) in the 

SC+SDOF configuration affects the free vibration, that is longer in 

duration, but small in amplitude, compared to the one in the 

FHP+SDOF configuration.  

  The effects of SPSI in terms of period elongation and damping ra-

tio have been investigated. In Figure 14 the transfer functions referred 

to the free-field condition, computed as the ratio between the Fast 

Fourier Transform (FFT) of the accelerogram at the top of the oscilla-

tor and the FFT of the one at the soil surface, are shown. The compari-

son between the FHP+SDOF configuration (in blue) and the 

SC+SDOF one (in red) clearly shows that the restrain at the base of 

the oscillator affects the response of the whole system. In particular:  

- with reference to the period elongation, the SC+SDOF configura-

tion is able to reproduce the fixed base condition (TSSI/Tfix = 

1.004), while the elongation induced by the SPSI is evident for the 

FHP+SDOF configuration (TSSI/Tfix = 1.170);  

- with reference to the response amplification, this effect is much 

lower for the FHP+SDOF configuration that for the SC+SDOF 

one, due to the different damping ratio activated in the two systems 

(DSSI/Dfix=5.25 for the FHP+SDOF configuration, DSSI/Dfix=1.26 

for the SC+SDOF one). 

 

 
Figure 14. Transfer functions for the FHP+SDOF (blue) and SC+SDOF (red) 

 configurations 
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  The experimental results are compared with several analytical solu-

tions available in literature [35-39]. The theoretical results, shown in 

Table 7, should be compared with those measured for the FHP+SDOF 

configuration: the analytical solutions give very different results, 

probably due to the hypothesis of elastic behavior of the soil adopted 

in the analytical solutions; in any case, the computed elongation is 

smaller than the measured one.  

 
Table 7. Period elongation according to analytical solutions 

 TSSI/Tfix 

Jennings and Bielak 

(1973) [35] 
 1.00 

Veletsos and Nair 

(1975) [36] 
1.017 

Wolf (1985) [37] 1.022 

Gazetas (1996) [38] 1.075 

Kumar and Prakash 

(2004) [39] 
1.124 

 

4. Conclusions  

 

  This paper deals with the Soil-Pile-Structure Interaction (SPSI) 

phenomenon, studied by means of an extensive experimental cam-

paign carried out at the Bristol Laboratory for Advanced Dynamic 

Engineering (BLADE) of the University of Bristol, within the Frame-

work of the Seismic Engineering Research Infrastructures for Europe-

an Synergies (SERIES). A physical model formed by a group of five 

piles embedded in a bi-layer soil deposit was tested on a 3m x 3m 1-g 

shaking table device. In this paper the attention is focused on the ef-

fect of the type of the foundation system, namely (i) the Free-Head-

Pile configuration with a Single-Degree-Of-Freedom (FHP+SDOF) 

and (ii) the Short-Cap configuration with an oscillator (SC+SDOF). 

The input considered here is the scaled recorded accelerogram from 

the Friuli 1976 Earthquake (Italy).  

  In this paper SPSI effects on period elongation and damping ratio, 

induced by the different foundation systems, have been highlighted. 
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These properties have been compared to the experimental fixed base 

properties of the oscillator, obtained by fixing it directly on the shak-

ing table. The experimental results showed that for both period elon-

gation and damping ratio, SPSI effects are significantly higher in the 

configuration without connection among piles (FHP+SDOF configu-

ration) compared to those with the connection among them 

(SC+SDOF configuration).  

  The comparison of the experimental data to the classical analytical 

solutions showed that the theoretical hypothesis of elasticity for the 

soil leads to a significant underestimation of the period elongation.  
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Abstract 
  Instability phenomena of large existing earth dams are one of the 

major source of seismic vulnerability in Italy, as most of them were 

constructed in the absence of specific seismic regulations. Therefore, 

it is necessary to investigate the response of such earth structures 

when subjected to severe earthquake loading, estimating the safety 

conditions with respect to deformation phenomena which can com-

promise the water retention capability. 

This paper discusses some results of a study on the seismic behaviour 

of a large homogeneous earth dam. Specifically, monitoring data tak-

en during construction and impounding of the dam were used to cali-

brate a plane-strain numerical model. Iterative pseudo-static analyses 

were first conducted by uniformly accelerating the finite-difference 

model to investigate the plastic mechanisms forming under critical 

conditions. The seismic performance of the dam was then evaluated 

through a series of dynamic analyses in which a real seismic record 

was used as input motion. In the analyses, the effects of the bedrock 

deformability and of the presence of the vertical component of the 

seismic action were investigated.  

The results of the dynamic analyses evidenced that a significant reduc-

tion of the seismic energy is obtained if the deformability of the bed-

rock is accounted for, resulting in much lower permanent displace-

ments of the embankment. Conversely, the vertical component of the 

seismic action induces a sensible increase of the seismic displace-

ments, so that analyses conducted neglecting the vertical component 

of the ground motion can lead to an unsafe evaluation of the water re-

tention capability. 



L. Masini, S. Rampello, L. Callisto 

 
276 

1.  Model calibration 

 

  The seismic behaviour of large earth dams is strongly affected by 

the inertial forces that develop during the ground motion, changing 

with time and space. The distribution and evolution of these forces 

depend on the mechanical properties of the embankment and the 

foundation soil, the effective stress state induced by the construction 

and impounding stages as well as on the geometry of the dam. The ef-

fects of an earthquakes onto an earth dam derive also from a possible 

reduction in the shear strength of the dam body. This last phenomenon 

may be caused by the positive excess pore pressure developing in the 

saturated portion of the embankment in undrained conditions, and by 

the degradation of strength parameters under cyclic loading. 

This study focuses on the seismic behaviour of the Marana Capacciotti 

dam, a large homogeneous earth dam located in Southern Italy 

[1,2,3,4,5]. A numerical model was conceived for the dam adopting 

some simplifying assumption about its geometry. This dam was se-

lected in that a comprehensive geotechnical characterisation of the 

embankment and the foundation soil, as well as the monitoring data of 

the construction and the impounding stages are available from a pre-

vious study [1]. 

 Figure 1 shows the simplified cross section of the embankment that 

was converted into a plane-strain numerical model. The dam has a 

height H = 50 m, a width of 400 m and the slope of the flanks is 

 = 14°. The drainage system consists of a sub-vertical central drain 

and of a horizontal drain located at the toe of the downstream slope. 

An impervious diaphragm extending into the lower firm soil prevents 

seepage through the 15 m high alluvial deposit underlying the dam. 

 

Figure 1. Simplified cross section of the dam and location of the extensometers 
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The numerical analyses were carried out in terms of effective stresses 

using the finite difference code FLAC v.5.0 [6]. The soil was mod-

elled as an elastic-perfectly plastic materials with Mohr-Coulomb’s 

plasticity criterion and zero dilatancy. The strength and stiffness pa-

rameters of the soils were obtained from the geotechnical investiga-

tions carried out throughout the earth dam and in the foundation soils, 

as comprehensively reported by Calabresi et al. [1]. Table 1 lists the 

shear strength parameters obtained from standard consolidated un-

drained triaxial compression tests and drained direct shear tests. The 

small-strain shear modulus G0 was expressed as a function of the 

mean effective stress p': 

 0
ref

 
   

 

n
p

G A B
p

 (1) 

where pref = 1 kPa is a reference pressure. Values of coefficients A, B, 

and n were selected to match the measurements of G0 obtained from 

resonant column tests carried out on the undisturbed samples retrieved 

from the dam body and the foundation soil. The stiff clay deposit 

found underneath the alluvial layer was regarded as a bedrock charac-

terised by a shear wave velocity Vs = 1000 m/s, with constant values 

of small-train shear modulus G0 = 2060 MPa and bulk modulus 

K = 5026.4 MPa. 

The numerical model was initialised by simulating the static construc-

tion of the dam, the impoundment stages and the unconfined seepage 

through the embankment, to obtain a correct initial state of effective 

stress prior to the dynamic calculation. This is needed to calculate the 

G0 distribution within the embankment and the foundation soil. The 

staged construction of the dam, considered as a drained process, was 

modelled by progressively activating 13 rows of zones about 4m 

thick, while the impounding of the reservoir to the maximum storage 

level of 45 m and the associated steady-state seepage flow through the 

dam were simulated by raising the water level in three steps of 15 m 

Table 1.  Mechanical soil properties 
soil 

(kN/m3) 

c' 

(kPa) 
' 

(°) 



(°) 

k0 

(-) 

k 

(m/s) 

A 

(MPa) 

B 

(MPa) 

n 

dam body 20.8 20 28 0 - 10-7 19.476 1573 0.75 0.30 

foundation soil 20.6 7 32 0 1.5 10-6 19.476 2155 0.73 0.32 

firm soil 20.6 - - - 1.5 10-9 2060 0 - 0.32 
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each. The shear stiffness adopted for the static calculations was ob-

tained reducing the small-strain shear stiffness G0 by a factor which 

was calibrated to reproduce the settlement profiles observed during 

the construction stages. Specifically, an operative shear modulus G 

equal to 5% of G0 was used for the dam body and the foundation soil, 

while a much lower value equal to 0.5% of G0 was used for the firm 

soil. Such a large reduction was needed to reproduce the settlements 

measured at the base of the dam after the end of construction, in that 

the stiff clay deposit, here modelled as 2 a meters thick layer, has an 

estimated thickness of about 300 m. At the end of each static phase, 

the soil stiffness was updated according to Eq. (1) to be consistent 

with the new effective stress state. Model calibration was checked us-

ing the settlements measured during dam construction via four exten-

someters installed at the centreline and in the downstream slope of the 

dam, as shown in Figure 1. Figure 2 shows the settlement profiles of 

the dam body relative to its base, measured along two vertical axes 

through the crest of the dam (A1 and A2 in Fig. 2a), and two vertical 

axes located in the downstream slope (A3 and A7 in Fig. 2b), at a 

stage when the dam was not yet completed (H = 34m) and at the end 

of construction. The results of the numerical analysis, also plotted in 

the figures, are in a fair agreement with the monitoring data. The in-

crease in settlements at the top of extensometers A3 and A7, observed 

at the end of construction can be attributed to the construction of the 

overlying portion of the dam. 

 

2.  Dynamic analyses 

 

2.1. Free-field 1D seismic response analysis 

 

 The dynamic response of the numerical model was preliminarily 

calibrated by comparing the results of free-field 1D FLAC simulations 

with those obtained using the code MARTA v.1.1.06 [7], in which the 

soil is modelled as an nonlinear viscous-elastic material. To this aim, 

the seismic response of a 67 m height column of soil was studied, cor-

responding to the soil sequence at the dam centreline: from the top of 

the column, the first 50 m thick layer is composed by the dam body 

resting over the foundation soil, which consists of an alluvial deposit 
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15 m thick overlying the bedrock, modelled as an elastic layer with a 

thickness of 2 m. 

In the dynamic analyses, the cyclic behaviour of the dam body and the 

foundation  soil  was  described through the hysteretic damping model 

Sigmoidal4, implemented in FLAC. This is an extension to two di-

mensions of the non-linear soil models that describe the unloading–

reloading stress–strain cycles using Masing’s rules. The model re-

quires the value of the small-strain shear stiffness G0 and a backbone 

curve. As discussed above, G0 was expressed as a function of the 

mean effective stress (Eq. 1), while the backbone curve was calibrated 

to reproduce the modulus decay curves obtained from the resonant 

column (RC) tests performed on undisturbed samples retrieved from 

the embankment and the foundation soil. Figure 3 shows a comparison 

between the prediction of the hysteretic model and the modulus decay 

curves obtained from the RC tests on the samples retrieved from the 

dam body. The equation proposed by Ishibashi and Zang [8] is also 

plotted in the figure assuming a mean effective stress p' = 50 kPa and  

 

Figure 2. Observed and computed settlement profile. 
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a plasticity index PI = 0. Table 1 lists the values of the strength and 

stiffness parameters adopted in the analyses.  

A small amount of additional damping was introduced in the analyses 

to attenuate the soil response at very small strains and to reduce spuri-

ous high-frequency noise. This was obtained by specifying a FLAC 

frequency independent “local” damping ratio equal to 0.5%. 

A real seismic record was used as input motion, selected from a set of 

events compatible with the seismicity of the site [2]. Specifically, the 

horizontal North-South and the vertical components of Tolmezzo rec-

ord (Friuli 1976 earthquake) were used. In the 2D-simulations, the ac-

celeration time histories were multiplied by a scaling factor F = 1.8 to 

match the elastic response spectrum of the newly-released Italian 

building code for dams [9], calculated for a return period TR = 2475 

years. 

 
Table 2.  Properties of the seismic input records 

record amax 

(g) 

Ia 

(m/s) 

Ts 

(s) 

Tm 

(s) 

Tolmezzo NS (F=1) 0.357 0.790 4.31 0.393 

Tolmezzo V (F=1) 0.267 0.334 5.16 0.211 

Tolmezzo NS (F=1.8) 0.642 2.561 4.31 0.393 

Tolmezzo V (F=1.8) 0.480 1.084 5.16 0.211 

 

Figure 3. Comparison between RC tests results and model simulations. 
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Some properties of the records are reported in Table 2, where amax is 

the peak ground acceleration, IA is the Arias intensity, Ts is the 

significant duration and Tm is the mean quadratic period as defined by 

Rathje et al. [11]. Figure 4 shows the elastic response spectra of the 

original and the scaled horizontal components compared with the 

building code spectrum, as well as the scaled acceleration time 

histories of ax and ay. 

The free-field seismic response analyses were carried out assuming 

an elastic bedrock, by applying a time history of shear stress xy at the 

base of the column: 

 

    xy s    t V a t  (2) 

 

where  = 2.06 Mg/m3 and VS = 1000 m/s are the bedrock density and 

shear wave velocity, while   a t  is the velocity obtained by integrat-

ing the horizontal component of the acceleration time history. FLAC 

“quiet” (viscous) boundary conditions were applied at the bottom of 

the grid while free-field boundary conditions were activated to the lat-

 

Figure 4. Elastic response spectra and acceleration time histories  

of the input motion. 
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eral sides. The small-strain shear stiffness was also activated at the 

beginning of the dynamic analyses. 

Figure 5 shows the results of FLAC 1D free-field analyses compared 

with those obtained using the code MARTA. The adopted shear wave 

velocity profile is shown in Figure 5a. Similar values of the maximum 

horizontal acceleration ax,max were computed with both methods, in 

the bedrock and the foundation soil (Figure 5b), while lower values 

were obtained in the dam body with the finite difference analysis, as 

the hysteretic model predicts a somewhat larger damping for 

 > 0.1 %. Figure 5c shows the elastic response spectra computed at 

the base (h = 0 m), at about the middle (h = 20 m) and at the top 

(h = 50 m) of the dam body. The two methods are in a fair agreement 

to each other though the FLAC analysis tends to emphasise the high 

frequencies. 

 

 

 

 

Figure 5. Results of free-field analyses. 
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2.2. 2D simulations 

 

Before the dynamic analyses, a pseudo-static analysis was carried 

out after completing the simulation of dam construction, in which a 

uniform horizontal body force was applied: it was expressed as a frac-

tion kh of gravity. The value of the seismic coefficient kh was in-

creased progressively until convergence, evidenced by a steady reduc-

tion of the unbalanced forces, became no longer possible. Under this 

circumstance, the numerical model exhibited a well-defined mecha-

nism, associated with a plastic flow of the soil. The seismic coefficient 

kh that activates the mechanism is termed ‘critical’ and is indicated as 

kc. It was found [10] that the solution does not depend on the stiffness 

of the materials and therefore can be assumed to be a result of the 

strength properties only. Therefore, the critical seismic coefficient kc 

represents a measure of the global seismic resistance of the system. 

Since the pseudo-static analyses were carried out up to critical condi-

tions, the values of the computed displacements are only conventional, 

as they refer to a system that is accelerating due to the static activation 

of a plastic mechanism. 

Calculations were conducted for both directions of the horizontal 

component of the inertial force kh∙g, while the vertical component 

were kept constant. The minimum value of the critical seismic coeffi-

cient, kc = 0.212, was obtained when the pseudo-static force is orient-

ed towards the upstream slope. Figure 6 shows the deformed mesh 

computed for kh = kc. A plastic mechanism is activated from the top to 

the toe of the embankment, on the upstream side, mainly consisting in 

the rotation of the unstable soil mass. 

Pseudo-static numerical analyses provide a first insight into the behav-

iour of the dam when subjected to intense seismic loading, capable of 

mobilising temporarily the soil shear strength. However, they are not 

able to take into account the transient nature of the earthquake action 

with inertial forces and internal states that change with time. 

Starting from the end-of-construction stage, time-domain dynamic 

analyses were carried out by applying time-histories of the input mo-

tion to the bottom boundary of the same finite difference grid used for 

the pseudo-static analyses. For these analyses, FLAC “quiet” viscous 
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boundary conditions were activated to the lateral sides of the grid, and 

soil stiffness was set equal to the small strain stiffness. 

 
Figure 6. Pseudo static analysis, deformed mesh computed for kh = kc. 

 

Calculations were conducted for both the assumption of rigid and de-

formable bedrock. In the first case, time-histories of accelerations 

were applied to the bottom boundary, while, in the last case, time-

histories of stresses were used. These were calculated using Eq. 2 for 

the horizontal component, while the vertical component was ex-

pressed as: 

    yy p    t V a t  (3) 

 

where Vp is the compression wave velocity at the bedrock, assumed 

equal to 2000 m/s. Both drained and undrained conditions were as-

sumed in calculations. A water bulk modulus Kw = 1 GPa was as-

sumed in the undrained analyses. In this paper only the results of the 

undrained analyses are shown. Specifically, four cases of analysis are 

discussed in the following: in two of them a rigid bedrock was as-

sumed, neglecting (A) or considering (C) the vertical component of 

the input motion; calculations were repeated assuming a compliant 

elastic bedrock, in the absence (B) and the presence (D) of the vertical 

component of the seismic action. 

Figure 7a shows the profiles of ax,max along the dam centre line. Near-

ly constant values were computed in the foundation soil while a de-

amplification is observed in the lower two-thirds of the embankment; 

in the topmost third ax,max increases to about twice the value obtained 

at the base as a result of seismic waves converging to the top of the 

dam. 
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The smallest values of ax,max were obtained assuming a compliant bed-

rock and neglecting the vertical component of the seismic action (B), 

while a 80% increment at the crest of the dam was calculated in the 

case of a rigid bedrock (A), or the one of a compliant bedrock in the 

presence of the vertical component of the input motion (D). Not sur-

prisingly, therefore, for case C, that involves assumptions of rigid bed-

rock and presence of ay, sensibly larger values of ax,max were comput-

ed both in the embankment and in the foundation soil.  

Larger amplification effects were computed for the maximum values 

of the vertical acceleration ay,max (Figure 7b). In fact, assuming un-

drained conditions, the high bulk modulus of water, similar to that of 

the bedrock, results in a response of the system which is globally more 

rigid for compressive loadings, leading to a larger amplification of 

both the acceleration components. 

It is worth mentioning that although considerably high values of ax,max  

and ay,max were computed, they are attained only for very short time 

intervals, and are usually associated to high frequencies and small en-

ergy contents. 

 

Figure 7. Results of the 2D dynamic analyses. 
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Figure 7c shows the maximum values of the horizontal (u) and of the 

vertical (w) displacement computed in the dam body. They were ob-

tained in the upstream slope at about one-third of the dam height. 

Negative values indicate horizontal displacements directed towards 

the upstream slope and vertical displacements directed downwards. As 

observed for the acceleration profiles, the maximum values of u and w 

were calculated for case C (umax = -0.62 m and wmax = -0.56 m), while 

for cases A, B and D a reduction of about 60% was observed for both 

u and w. For a TR = 2475 years earthquake, the maximum settlements 

are always smaller than the available freeboard (2.6 m). 

 

3.  Conclusion 
 

 Monitoring data from an existing homogeneous earth dam have 

been used to calibrate a two-dimensional numerical model. Specifical-

ly, a match was searched between the dam settlements measured dur-

ing construction and the computed values, to calibrate the model. The 

seismic performance of the dam was then evaluated through a series 

of dynamic analyses by applying an input motion compatible with the 

design spectrum specified by the construction code (D.M. 26/06/2014 

[9]) for a return period of 2475 years. The results evidenced that the 

vertical component of the seismic action induces a sensible increase of 

seismic displacements, with values of the maximum acceleration 

about 2 to 3 times higher. This effect is decreased when a compliant 

bedrock is accounted for in the analysis. In spite of the high accelera-

tions computed when considering the horizontal and vertical compo-

nents of input motion, plastic mechanisms are activated only tempo-

rarily and the maximum final settlements resulted always lower than 

the available freeboard (2.6 m). Therefore, the dam is expected to per-

form satisfactorily in the presence of very intense seismic loadings. 
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Dynamic soil-structure interaction for a long-span 

suspension bridge with dissipative foundations 
 

Davide Noè Gorini1, Luigi Callisto2 

 

 

Abstract 
This paper deals with the seismic behaviour of the Izmit Bay sus-

pension bridge. The towers of this bridge were provided with a dissi-

pative foundation system intended to limit the seismic loads transmit-

ted to the superstructure. The bridge is in close proximity to the North 

Anatolian fault, responsible of a high seismic hazard characterised by 

important near-source effects. This paper describes an innovative ap-

proach for predicting the behaviour of the bridge accounting for the 

soil-structure interaction effects and for the behaviour of the above 

dissipative system. The approach entailed the use of three-dimensional 

numerical analyses, carried out in the time domain using nonlinear 

constitutive assumptions for the soil. The numerical model included 

the entire sequence of the soil deposits extending down to the bedrock, 

and a simplified structural model of the towers, that was calibrated to 

reproduce the main aspects of the dynamic behaviour of the super-

structure. The results of the analyses show that the seismic perfor-

mance of the dissipative foundations is strongly affected by the ampli-

tude of the vertical component of the seismic motion. The dissipative 

foundation is fairly efficient in limiting the seismic forces transmitted 

into the superstructure; however, it appears that the horizontal perma-

nent displacements of the tower foundations derive mostly from per-

manent strains occurring within the subsoil, rather than in the dissipa-

tive device, as originally intended in the design of the bridge. 
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1.  The Izmit Bay Bridge 

 

  The Izmit Bay Bridge, currently under construction in Turkey, is 

aligned along a North-South direction and connects the Diliskesi pen-

insula (to the North) to the Hersek peninsula (to the South). As shown 

in the longitudinal section of Figure 1, the bridge has a central span of 

1500 m and two lateral spans of 556 m each. 

The bridge towers have a height of 252 m from the sea level; their 

foundations consist of sinking caissons, resting on a group of tubular 

steel piles driven in place from the seabed, which is encountered at a 

depth of about 40 m from the sea level. The caissons have a width of 

54 m, a length of 67 m and a thickness of 15 m, while the foundation 

piles have a diameter of 2 m, a length of 32 m and a spacing of 5 m. 

The study described herein focuses primarily on the mechanical be-

haviour of the North Tower foundation. Figure 1 shows that at the lo-

cation of this tower the subsoil consists of a sequence of silty sands 

and silty clays (N1 to N3), down to the depth of 28 m from the seabed, 

where a thick and relatively uniform layer of medium to stiff clay 

(N4) is found, extending down to an argillitic bedrock that at this loca-

tion is encountered at a depth of 145 m from the seabed. 

Because of the high exposure to a seismic hazard, the tower founda-

tions were designed to allow for a relative displacement between the 

caisson and the pile group. To this purpose, a layer of gravel with a 

thickness of 3 m was poured at the seabed level, on top of the pile 

group, providing a frictional contact with the overlying caisson. This 

solution, illustrated in Figure 1, is aimed to limit the seismic shear 

force transmitted to the structure, allowing for a controlled dissipation 

of the seismic energy through the development of relative horizontal 

displacements at the caisson-gravel interface. 

A schematic representation of the soil model adopted in the dynamic 

analyses is shown in Figure 1 while the main mechanical properties of 

the soil layers are reported in Table 1, where γ is the unit weight, Vs is 

the shear wave velocity, c’ is the effective cohesion, φ’ is the angle of 

shearing resistance and Cu is the undrained resistance. 
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Figure 1. Schematic section of the bridge and its foundations 

 

Table I. Properties of the foundation soils below the North Tower 

Layer γ (kN/m³) Vs (m/s) c' (kPa) φ' (°) Cu (kPa) 

N0 - Clay 17.5 177 0 24 50 

N1- Silty sand 18.0 194 0 41 - 

N2- Clay 18.5 232 8 28 90 

N3 - Sand 19.0 251 0 42 - 

N4- Clay 19.0 323 15 27 235 

Bedrock 19.1 750 - - - 

 

2.  Seismic input 

 

A deterministic seismic hazard analysis was carried out for the Iz-

mit Bay, using the near-source attenuation law proposed by Chiou e 

Youngs (2014) to take into account the vicinity of the bridge to the 

North Anatolian Fault that is the main seismo-genetic source for this 

structure. This procedure resulted in the elastic response spectrum of 

Figure 2, representing the effect of the maximum credible seismic 

earthquake (MCE) on a stiff outcrop. Several seismic records were se-

lected, based on the compatibility with this elastic spectrum. Specifi-

cally, the following sections illustrate results obtained with the Tabas 

record, that is characterised by the elastic response spectrum shown in 

Figure 2 for comparison with that associated with the MCE.  
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Figure 2. Elastic response spectra of the seismic input 

 

3.  Numerical model 

 

Dynamic analyses were carried out using the finite-difference pro-

gram FLAC3D v. 5.0 (Itasca, 2012). For the static condition an elas-

tic-perfectly plastic constitutive model was adopted for the soil with 

non-associative flow rule (dilatancy set to zero), an operational value 

of the shear modulus G equal to 30 % of the small strain shear modu-

lus G0 and a Poisson coefficient equal to 0.30. Starting from the condi-

tions obtained in the static stage, dynamic analyses were performed in 

the time domain, applying FLAC3D free-field boundaries to the finite 

difference grid and simulating the earthquake loads through time his-

tories of shear and normal stresses applied at the base of the soil mod-

el in order to account for the bedrock deformability (Joyner & Chen 

1975, Callisto et al. 2013). The mechanical behaviour of soil under 

seismic conditions was described through the hysteretic damping 

model implemented in FLAC3D, which has a hysteretic nonlinear 

elastic response, coupled with a Morh-Coulomb plasticity criterion 

with a non-associated flow rule. The hysteretic damping model was 

calibrated to reproduce both the modulus decay curves and the damp-

ing curves obtained by experimental tests. 

The pile group was modelled as a homogeneous elastic continuum 

with cross-anisotropic mechanical properties, with vertical principal 

axis of isotropy (Gorini 2015). The contact between the caisson and 

the gravel layer was described by interface elements exhibiting a rig-

id-perfectly plastic behaviour with a purely frictional resistance crite-

rion. 
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The dynamic analyses were carried out in undrained conditions, as-

signing a water elastic bulk modulus of 2.2 GPa and setting the calcu-

lation maximum time step to 810-7 s for the numerical stability of the 

computations. 

 

4.  Simplified structural model 

 

A global structural model of the Izmit Bay Bridge for studying the 

seismic behaviour of the bridge was developed by Averardi Ripari 

(2014) and Scardino (2015) using the finite element program 

SAP2000. Since the deck and the suspension system have a very high 

deformability, the dynamic behaviour at the four supporting points of 

the bridge is essentially uncoupled. Accordingly, the tower dynamic 

response can be studied representing the primary suspension system 

through two masses placed at the top of the tower legs and connected 

to fixed points through a series of linear-elastic springs. The simpli-

fied structural model of the towers (Gorini 2015), shown in Figure 3, 

was developed to reproduce the first two tower vibration modes occur-

ring in the longitudinal and transverse directions, respectively. The 

model is constituted by beam elements that replicate the tower geome-

try. In accordance to the bridge design, the deck is connected to the 

towers in the transverse direction only, and was represented by intro-

ducing two masses rigidly constrained to the tower only transversally. 

Moreover, in order to simulate the contrasting action to the tower mo-

tion provided by the deck-hangers system, two pendular elements 

were introduced, modelled with rigid massless cable elements, con-

necting the tower top to the deck masses, which are in turn connected 

to fixed points through longitudinal springs. It was necessary to acti-

vate the large strain option in the dynamic computations, to allow the 

pendular elements to simulate the reaction forces of the hangers, that 

derive from a deviation of their initial vertical configuration. The 

stiffness of the spring of the simplified structural model were derived 

from the global structural model, while the masses were derived from 

an iterative identification process, based on the comparison between 

the modal response of the simplified model and that of the global 

model. A structural damping ratio, equal to 2%, was introduced using 

the frequency-independent local damping formulation implemented in 
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FLAC3D. A check of the effectiveness of this formulation was carried 

out looking at the logarithmic decrement under free vibrations 

The three-dimensional computing model is shown in Figure 4, in 

which the soil layers, the free-field contours, the caisson and the sim-

plified structural model are depicted. 

 

5. Discussion of results and conclusions 

 

Figure 5 is relative to free-field analyses that did not include the 

structural model and considered only the longitudinal component of 

the seismic motion. The figure shows a comparison between the input 

elastic spectrum and the spectra at a depth of 3 m below the seabed. If 

the geometry and stiffness of the pile group is not taken into account 

(free-field 1D), the ground motion at the seabed is characterized by a 

remarkable reduction of spectral amplitudes at periods smaller than1 s. 

This is caused by the repeated mobilisation of the soil strength in the 

superficial strata, down to a depth of 35 m. When the elastic continu-

um representing the soil-pile system is introduced in the site response 

analysis, the reduction of the spectral ordinates becomes much less 

 
 

Figure 3. Simplified structural model of 

the tower 

Figure 4. Global FLAC3D model 
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pronounced and is limited to a maximum period of 0.6 s, while a 

modest amplification is observed within a period range of 1.5 to 2.5 s. 

Since the caisson is not structurally connected to the head of the pile 

group, relative displacements between the piles and the caisson can 

develop when the shearing resistance is mobilised at the caisson-pile 

contact. Figure 6 shows time histories of these relative displacements 

computed in soil-structure interaction analyses that included the struc-

tural model and considered either the sole longitudinal seismic com-

ponent or the longitudinal and the vertical components of the seismic 

motion. It can be observed that, although relative displacements are 

negligible in the absence of vertical motion, they rise up to about 2 cm 

with a final value of about 1 cm when the vertical motion is consid-

ered, due to the instantaneous reduction of normal stresses at the cais-

son-gravel contact.  

 

These relative displacements cause a progressive energy dissipation, 

as highlighted in Figure 7 that compares the Arias Intensities of the 

horizontal seismic motion into the caisson and the gravel bed. Analys-

ing the 5% damped elastic response spectra related to the two zones 

  

Figure 5. Elastic response spec-
tra obtained form free-field site 

response analyses 

Figure 6.Relative displacements at the caisson-gravel 
contact. 

 

Figure 7. Arias intensity of the signals in the foundation caisson and in the gravel bed, 
computed with the longitudinal and vertical components of the seismic motion. 
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immediately in contact with the interface, as illustrated in Figure 8, it 

is seen that considering only the longitudinal seismic motion the larg-

est differences in the spectral ordinates occur at high frequencies, for 

periods less than 0.3 s. When the vertical component of the ground 

motion is considered, a noticeable reduction of spectral amplitudes 

occurs in the period interval of 0.4 to 0.7 s. 

It is of interest to look at the evolution of the relative displacements 

between the caisson and the bedrock, shown in Figure 9. This plot 

shows that, independently of the presence of the vertical motion, the 

absolute caisson displacements are much larger than those associated 

with the sliding along the frictional interface at caisson-pile contact. 

This result indicates that the actual dissipation mechanism is essential-

ly related to the attainment of the strength in the soil located below 

and laterally to the pile group, rather than to the activation of the fric-

tional resistance at the caisson-pile contact. 

 

 
 

Figure 8. Elastic response 
spectra obtained from the soil-
structure interaction analyses. 

Figure 9. Relative caisson-bedrock displacements. 
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Abstract 
  A 3D non-linear finite element approach is developed to study the 

free-field seismic ground response and the soil-structure interaction 

(SSI) phenomena at the Lotung site (Taiwan) during the earthquake 

event occurred on May 20 1986. 

The site was extensively instrumented with down-hole and surface ac-

celerometers, these latter located also on a 1/4–scale nuclear power 

plant containment structure. An advanced constitutive model is adopt-

ed for simulating the soil behaviour, while a linear visco-elastic be-

haviour is assumed for the structural model. 

The free-field and SSI analyses are carried out applying both the NS 

and EW horizontal components of the acceleration time history as 

recorded at the depth of 47 m b.g.l. The predicted ground response re-

sults are in fair agreement with the recorded motion at depth and at the 

surface. The dynamic response of structure is well captured for this 

specific seismic event, thus confirming the validity of the numerical 

approach. 
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1.  Introduction 

 

  It is largely recognised that, during an earthquake, the dynamic re-

sponse of a structure is generally affected by the compliance of the 

soil-foundation system and its motion is typically different from that 

experienced by the same structure founded on a rigid base. The main 

consequence of this interaction is the reduction of the fundamental 

frequency of the structure and the variation of its damping ratio [1,2]. 

  The soil-structure interaction (SSI) effects have traditionally been 

evaluated by the substructure method, which separately estimates the 

kinematic and inertial interaction effects, implicitly assuming linearity 

in both soil and structure behaviour. Nevertheless, the soil nonlineari-

ty should be accounted for to correctly predict the seismic ground re-

sponse and the SSI effects, especially when strong motion earthquakes 

occur. Thus, a complete dynamic analysis becomes more appropriate 

to study this phenomenon: a realistic non-linear analysis should be 

carried out in the time domain, consisting in analysing the entire soil-

structure system in a single model [3]. 

  In the present paper the back-analysis of the seismic ground re-

sponse and the SSI phenomena affecting a 1/4-scale nuclear power 

plant containment structure, as recorded at the Lotung Large-Scale 

Seismic Test (LSST) site during the May 20 1986 earthquake, is car-

ried out by means of a 3D non-linear finite (FE) model, implemented 

through the FE code PLAXIS 3D [4]. The non-linear soil behaviour is 

described by the elasto-plastic hysteretic model Hardening Soil model 

with Small-Strain Stiffness (HSsmall) available in the material model 

library of the FE code, while a linear visco-elastic model is assumed 

for the structural response. 

  The HSsmall soil constitutive model has recently been adopted for 

dynamic engineering applications [5,6] and its capability in predicting 

seismic ground response has been investigated under both mono-

directional and multi-directional conditions [7,8]. Furthermore, the 3D 

numerical approach has been used to perform SSI analyses under 

mono-directional conditions (i.e. applying only the EW horizontal 

component of input motion) [9]. 

  In the present study, the 3D numerical analyses are carried out con-

sidering the seismic motion multi-directionality. Thus, both EW and 
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NS horizontal components of the acceleration time history, as record-

ed by the deepest accelerometer of the down-hole accelerometric ar-

ray, are applied simultaneously at the base of the FE numerical model. 

Results of the non-linear analyses are compared to the in-situ recorded 

down-hole and surface motions and to the acceleration time histories 

monitored on the 1/4-scale containment structure. 

 

2.  The Lotung LSST case study 

 

  The Large-Scale Seismic Test (LSST) was a research programme 

(1985-1990), led by the Electric Power Research Institute (EPRI) in 

co-operation with the Taiwan Power Company (TPC), consisting in 

studying the seismic ground response and the dynamic response of 

two small-scale (1/4-scale and 1/12-scale models) nuclear power plant 

containment structures. The LSST site was located in Lotung, a highly 

seismic region in the North-East of Taiwan.  

  The 1/4-scale containment model was a reinforced concrete cylin-

drical shell structure of external radius of 10.52 m, with a flat roof 

slab and a flat bottom basement. The structure is embedded at the 

depth of 4.57 m below the ground surface. Within the containment 

model, a steel shell structure simulating a steam generator prototype 

of a nuclear power plant was installed.  

  The LSST site and the 1/4-scale containment structure were exten-

sively instrumented to record both soil and structural responses during 

earthquakes that occurred at the test site. 

  Concerning the ground instrumentation, two down-hole arrays, ex-

tended to a depth of 47 m from ground surface, were installed to rec-

ord soil motion at different depths, while three surface arrays were 

placed along three arms (Arm 1, 2 and 3) of radius of about 47 m from 

the edge of the 1/4-scale model, as depicted in Figure 1 [10]. 

  As far as the 1/4-scale model concerns, four accelerometers were 

placed on the basement of the containment structure and four at the 

top surface of the model, along EW and NS diametrical directions. In 

addition, two accelerometers were placed at the top and the bottom of 

the steam generator prototype. The monitoring scheme of the 1/4-scale 

structural model is illustrated in Figure 2 [11]. 
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  The LSST site is located on the Lanyang River plain, which lies on 

two layers of recent alluvium and Pleistocene deposits, overlying a 

Miocene basement layer situated at 400 m of depth [12]. 

 
Figure 1. Layout of the surface and down-hole instrumentation: (a) down-hole in-

strument arrays and (b) surface instrument arrays (after Tang[10])  

 
Figure 2. Location of accelerometers on the 1/4-scale model of the containment 

structure: (a) vertical and (b) horizontal cross-section (modified from [11])  

   

The local geotechnical profile, near the LSST site, is characterized by 

a layer of silty sand, extended from the ground surface down to about 

17 m, above a 6 m thick layer of sand with gravel. Underneath the 

sandy layer, there is a stratum of silty clay detected by the deepest 

borehole down to 47 m, interlayered by an inclusion of sand with 
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gravel between 29 m and 36 m. The water table is intercepted at about 

1 m from the ground surface (Figure 3a). 

  The geotechnical characterisation is based on the few available in 

situ data and on previously published back-analysed seismic data 

[11,13–16]. The strength properties of the coarse-grained soils are ob-

tained from SPT tests (Figure 3b), using the correlation proposed by 

De Mello [17]; due to the lack of direct experimental observations, 

typical values are assumed for the silty clay layer. A total unit weight 

of 19.6 kN/m3 is adopted as an average value for the whole soil depos-

it [13]. The shear wave velocity profile, obtained from cross-hole 

tests, ranges from about 100 m/s to 300 m/s at a depth of 47 m, as 

summarised by Borja et al. [15] (Figure 3c). 

 
Figure 3. Local soil profile at Lotung LSST site: (a) soil stratigraphy; (b) SPT log; 

(c) shear wave velocity  

   

The shear modulus and damping ratio curves for the upper silty sand 

layer are those obtained by Zeghal et al. [14], through an indirect in-

terpretation of 18 earthquakes events occurred between 1985 and 

1986. The decay curves obtained at the depth of 11 m (Figure 4a) are 

assumed in the present FE simulations, as proposed by Borja et al. 
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[16]. Due to the lack of specific laboratory tests, the shear modulus 

and damping ratio curves proposed by Vucetic and Dobry [18] for a 

plasticity index PI equal to 0 and 20 are adopted for the gravelly and 

the silty-clayey layers, respectively (Figure 4b-c). 

 
Figure 4. Local soil profile at Lotung LSST site: (a) soil stratigraphy; (b) SPT log; 

(c) shear wave velocity  

  

In this paper the free-field seismic ground response and the dynamic 

structural behaviour are investigated with reference to both EW and 

NS horizontal components of the acceleration time history, as record-

ed at the depth of 47 m by the accelerometer DHB-47 (Figure 5). The 

considered earthquake is that occurred on May 20 1986 (LLST7), 
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whose features are magnitude 6.5, epicentral distance of 66.2 km and 

duration of 35.48 s. 

 
Figure 5. EW and NS components of the acceleration time histories and relative 

Fourier spectra recorded at DHB-47 during LSST7 earthquake 

 

3.  The HSsmall soil constitutive model 

 

3.1. Description of the HSsmall model 

 

  The soil constitutive model Hardening Soil model with Small-strain 

Stiffness (HSsmall) is an evolution of the Hardening Soil (HS) model, 

proposed by Schanz et al. [19], extended by the elastic small-strain 

overlay model, developed by Benz et al. [20,21]. The HSsmall model 

allows to describe the hysteretic para-elastic behaviour of soil at very 

small strains, by introducing the initial shear stiffness modulus G0 and 

the evolution of the secant shear stiffness ratio Gs /G0 with shear strain 

. The modulus decay curve is implemented as a modified version of 

the simple hyperbolic law proposed by Hardin and Drnevich [22] 

0

0.7

1

1 0.385

sG

G 







       (1) 

where  0.7 is the deformation at which the secant shear modulus is re-

duced to about 70% of G0. 
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  Any variation in the strain increment direction is taken into account 

by means of a scalar strain history-dependent value, Hist, which mem-

orises the deviatoric strain history of the material. Through the strain 

value Hist, a unique value of the tangent stiffness is determined by 

Eq. (2), which describes the stress-strain relationship along all loading 

direction in a multi-axial loading condition. 

0

2

0

0.7

1 0.385

tG G

G 




 
 

 

      (2) 

  The tangent shear stiffness modulus Gt (Eq. 2) is limited by a lower 

cut-off value Gur. When the strain level reaches the limit cut-off (Eq. 3), 

the tangent shear stiffness modulus Gt becomes constant and equal to 

the unloading-reloading shear stiffness modulus Gur = Eur /2(1+νur). It 

results: 

0.7 0 1
0.385

ref

cut off ref

ur

G

G


 

 
  

 
 

      (3) 

  The same lower limit value, Gur, is asymptotically reached by Gs. 

  Under cyclic conditions, the hysteretic behaviour in unloading-

reloading is formulated by the modified Masing’s rules, which de-

scribe hysteresis loops that gives a measure of energy dissipation [5]. 

  A basic feature of the model is the dependency of the soil stiffness 

on the stress level, which is implemented as a function of the effective 

stress and strength parameters c′ and φ′: 

3
0 0

cos sin

cos sin

m

ref

ref

c
G G

c p

  

 

    
  

    
     (4) 

where 0

refG  is the reference initial shear modulus corresponding to the 

reference confining pressure pref (assumed equal to 100 kPa), m is a 

constant that depends on soil type and 3   is the minor principal effec-

tive stress. Similar expressions to Eq. (4) are introduced in the model 

for the definition of the dependency on the state of stress of the un-

loading-reloading modulus Eur, the secant stiffness in standard drained 

triaxial test E50 and the tangent stiffness for primary oedometer load-

ing Eoed. 
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  The HSsmall model is an isotropic hardening elasto-plastic model, 

characterised by two yield surfaces: a shear hardening yield surface, 

resembling the hyperbolic law, which can expand up to the Mohr-

Coulomb failure criterion as a function of the deviatoric plastic strain; 

a cap yield surface, introduced to delimit the elastic region for com-

pressive stress paths, which is governed by plastic volumetric strains. 

 

3.2. HS small model parameters calibration 

 

  The parameter definition is carried out with reference to the availa-

ble data, according to a suitable procedure of calibration. The refer-

ence initial shear stiffness modulus 0

refG  and the parameter m are se-

lected to obtain the best fitting with the shear wave velocity profile 

provided by the cross-hole test (Figure 3c). The shear strain level 0.7 

is calibrated using the decay curves of shear modulus and damping ra-

tio for the para-elastic response regime (Figure 4). The elastic unload-

ing-reloading shear stiffness modulus ref

urG  is determined such that the 

ratio 0

ref ref

urG G  is kept to 4 for the silty sand layer and to 2.5 for the 

other soil layers, leading to a suitable value of cut-off. It might be noted 

that beyond the cut-off shear strain, the damping ratio decreases tend-

ing to zero. In fact, beyond this threshold limit, the tangent stiffness 

modulus becomes constant, but the hysteresis loop becomes narrower 

for increasing strain levels. 

  The other stiffness parameters, 50

refE  and ref

oedE , are assumed as three 

times lower than the elastic unloading-reloading Young’s modulus 
ref

urE , which is evaluated as a function of the Poisson’s ratio νur. For 

coarse-grained soils, the Poisson’s ratio is assumed equal to 0.3, while 

it is considered equal to 0.25 for the silty soil layers. 

  The earth pressure coefficient at rest, K0, is estimated according to 

the Jâky’s expression for coarse-grained soils and according to the ex-

pression valid for overconsolidated soil for fine-grained layers. For the 

sand with gravel and silty sand layers, the overconsolidation ratio 

OCR is fictitiously set to 10 in order to exclude yielding during radial 

compressive stress paths.  
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  A summary of the model parameters involved in the numerical 

analyses is provided in Table 1 for each layer. 

 
Table 1. HS small model parameters 

Soil layer Silty sand 

(0-17 m) 

Sand with gravel 

(17-23 m) 

Silty clay 

(23-29 m) 

Sand with gravel 

 (29-36 m) 

Silty clay 

 (36-47 m) 

c (kPa) 0 0 10 0 10 

φ (°) 30 35 24 37 24 

OCR 10 10 5 10 5 

0

nc
K  0.5 0.4264 0.5933 0.3982 0.5933 

0

oc
K  

- - 1.327 - 1.327 

0

ref
G (MPa) 90 115 65 160 65 

0.7 (%) 0.011 0.01 0.025 0.011 0.025 

m 0.54 0 0.42 0 0.42 

ur 0.3 0.3 0.25 0.3 0.25 

ref

ur
E  (MPa) 60 119.5 65 164.5 65 

50

ref
E  (MPa) 20 39.83 21.67 54.81 21.67 

 

 
Figure 6. Calibration of the Rayleigh viscous damping parameters 

   

In order to introduce a small amount of damping (of about 1-2%) at 

very small strain level, viscous damping is added by means of the 

Rayleigh formulation. The selection of Rayleigh coefficients requires 

a suitable calibration strategy; here the one proposed by Amorosi et al 

[23] was adopted, which requires a preliminary equivalent linear anal-

ysis, performed by the code EERA [24], in order to determine the am-

plification functions. Based on the EW amplification function (Figure 

6), the first control frequency fm is identified as the fundamental fre-
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quency of the soil deposit (fm = 1 Hz), while the second control fre-

quency fn is chosen as the frequency where the amplification function 

becomes lower than one (fn = 3.5 Hz). 
 

4.  The FE numerical model 

 

  The free-field ground response and the dynamic SSI analyses are 

performed under multi-directional seismic conditions, i.e. applying 

both EW and NS components of DHB-47 acceleration time history 

recorded during the LSST7 earthquake. 

  The geometrical model adopted for the free-field seismic ground 

response analysis consists of a soil column of width 10 m x 10 m and 

height equal to 47 m, which is the maximum investigated depth of the 

soil deposit.  

  The dynamic SSI analysis is performed using a 47 m thick model, 

consisting in a soil domain of width equal to 70 m x 70 m. The nuclear 

power plant containment structure is modelled as a cylindrical plate 

structure of 0.305 m thickness (the outer diameter is 10.52 m) with 

two flat circular plate elements at the roof and the bottom, character-

ised by 1.07 and 0.91 m thickness, respectively. 

  The structural elements are modelled as linear visco-elastic con-

crete materials (unit weight of 25 kN/m3) with Young’s modulus 

E = 2.53104 MPa and Poisson’s ratio ν = 0.2. A structural damping 

ratio of 2.5 % is assumed and included by means of the simplified 

Rayleigh formulation ([C]=R[K]). The Rayleigh coefficient R is de-

termined selecting a control frequency of 10 Hz, a value close to the 

fixed-base fundamental frequency of the containment structure. 

  In both numerical models, the soil domain is divided into 47 layers 

of unit thickness in the vertical direction, in order to limit the dimen-

sion of the elements, according to the requirement that the element 

size must be smaller than about one/eighth of the wavelength associat-

ed with the maximum frequency component fmax of the input wave 

(equal to 10 Hz). 

  In the pre-seismic static stage, the boundary conditions are charac-

terised by total fixities at the bottom of the mesh, while horizontal 

displacements are null for the nodes on the vertical sides of the soil 

domain. In the dynamic phase, tied nodes boundary conditions are 
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adopted, achieved by introducing horizontal node-to-node anchors el-

ements, characterized by high values of axial stiffness EA (equal to 

109 kN). Switching from the static to the dynamic phase triggers a 

modification of the horizontal constraints, which induces a perturba-

tion of the stress equilibrium. In order to restore it, pressures corre-

sponding to the lithostatic distribution of horizontal effective stresses 

are introduced on the vertical sides of the mesh. All dynamic analyses 

are performed under fully undrained conditions. 

  The Generalized Newmark method is employed, with Newmark 

parameters β1 and β2 equal to 0.6 and 0.605, respectively, ensuring 

that the algorithm is unconditionally stable. 

 

5.  Numerical results 

 

5.1. Free Field ground response 

 

  The non-linear numerical results of the free-field wave propagation 

analyses are compared to the in-situ recorded motion at ground sur-

face (FA1-5) and at the depth of 17 m (DHB-17), in terms of accelera-

tion time histories and relative Fourier spectra for each horizontal 

component EW and NS (Figure 7).  

  The predicted response is comparable to the recorded one at the 

same depths along both horizontal directions, although a general ten-

dency to slightly over-predict the ground motion might be recognised. 

  A systematic overprediction of the Fourier amplitude around 0.85 

Hz can also be observed at all depths, though the frequency content of 

the signal is satisfactorily reproduced.  

  The tendency to over-estimate the seismic response should be as-

cribed to the feature of the constitutive model to provide a reduced 

amount of hysteretic damping ratio under large multi-directional strain 

levels, as those induced during the LSST7 earthquake [8]. Related to 

this behaviour is the generation of significant numerical noise, mini-

mised by adopting a low pass filter (fmax = 5 Hz), which was applied to 

all numerical output signals of the free field numerical analyses. 



Three-dimensional advanced numerical approaches to the seismic soil  

and structural response analyses 

311 

 
Figure 7. Seismic ground motion recorded in-situ and numerically predicted at sur-

face (FA1-5) and at depth of 17 m (DHB-17) along EW and NS horizontal compo-

nents. 

5.2. Dynamic structural response  

 

  The dynamic response of the 1/4-scale model of the containment 

structure is compared to the that recorded in-situ on the roof (F4U) 

and at the base (F4L), in terms of acceleration time histories and Fou-

rier amplitude spectra for each horizontal direction (Figure 8). 

  It appears that the computed response at the bottom of the contain-

ment structure matches fairy well that recorded both at F4LW along 

EW direction and at F4LS along NS direction. Moreover, peak accel-
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eration and zero crossings of both acceleration time histories are well 

predicted by the numerical model. The good prediction is also con-

firmed by Fourier amplitude spectra.  

 
Figure 8. Seismic structural motion recorded in-situ and numerically predicted at 

the roof (F4U) and at the basement (F4L) of the 1/4-scale model of the containment 

structure along EW and NS horizontal components. 

 

 

  The predicted dynamic response at the roof of the structure (F4UW 

EW and F4US NS) is accurately reproduced, especially in the NS hor-

izontal direction, while a slightly underestimation of the peak acceler-

ation might be identified in the EW direction.  
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For the purpose of evaluating the SSI effects on the dynamic response 

of the structure and identifying the natural SSI system frequency, the 

amplification function can be evaluated as the ratio of the horizontal 

response at the top of the structure and the horizontal free-field ground 

response, both expressed in terms of Fourier spectra. The amplifica-

tion functions obtained by predicted and recorded data with reference 

to the NS component on motion are shown in Figure 9, together with 

the corresponding function as determined for the fixed-base structure 

analysis (without considering any SSI effects). As expected, the fixed-

base natural frequency of the structure (10.66 Hz) reduces to a lower 

value (around 3.5 Hz) as a consequence of the compliance of the soil 

deposit, while the associated damping ratio increases, due to radiation 

and material dampings. The comparison of the predicted results to the 

recorded ones shows a fairly good agreement in terms of damping ra-

tio, though the natural frequency of the SSI system is slightly over-

estimated. 

 
Figure 9. Amplification function of the structural motion to the free-field ground 

motion considering the effects of the SSI interaction along NS direction. 

 

6.  Conclusions 

 

  In the present paper, a 3D FE numerical approach is proposed to 

back-analyse the free-field motion and the dynamic response of a 

small-scale structure of a nuclear power plant, recorded at Lotung 

(Taiwan) during the LSST7 event. The non-linear behaviour of soil is 

simulated by the isotropic hardening elasto-plastic model HSsmall, 

while linear visco-elasticity is assumed for the structural model. Time 

domain numerical analyses are performed under multidirectional con-

ditions of the seismic motion, applying simultaneously both compo-
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nents of the DHB-47 motion, recorded at the depth of 47 m from the 

ground surface. 

  Numerical results prove to be in good agreement with the free-field 

array’s measurements at depth and at the ground surface, both in terms 

of peak acceleration and zero crossings. Furthermore, the main fea-

tures of the dynamic structural response are also captured by the SSI 

numerical simulation.  

  The overall comparison confirms the capability of the HSsmall 

model to predict the seismic ground motion and highlights the effec-

tiveness of the proposed numerical approach to investigate complex 

problems characterised by soil-structure interaction phenomena under 

multi-directional seismic motions. 
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Abstract 
We report the preliminary results of 1D and 2D numerical modeling, 

preparatory for Amplification Factor mapping in Preturo and Coppito 

areas selected in Western L’Aquila Plain (central Italy) within a 

reserch project on the evaluation of Seismic Risk in Abruzzi Region. 

The analysis was carried out on a geological section representative of 

the subsoil model of those areas by using the software EERA and LSR 

2D for 1D and 2D modelling respectively. 

The main preliminary results of seismic site response concern the like-

ly valley edge effect (double values in pseudo-acceleration between 

1D and 2D modeling in the section edges) and the lack of 2D effect in 

the valley center (middle of the section).   
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1. Introduction 

 

We report the preliminary results of 1D and 2D numerical modeling, 

preparatory for the 3rd level microzoning, sensu [2], in Coppito and 

Preturo villages selected as pilot areas in L'Aquila Municipality. The 

analysis was performed on the Preturo-Coppito section representative 

of the geology of the pilot areas (Figures 1 and 4) [1] by using the 

methodologies reported in [2] and [3]. The preliminary results of the 

seismic response have revealed the likely valley edge effect found on 

the edges of the section (double values in pseudo-acceleration be-

tween 1D and 2D modeling) and lack of 2D effect in the middle of the 

section.  

 

 
 

2. Seismic input 

 

The seismic input used in the numerical modeling includes four free 

field accelerograms at the bedrock as reported in the seismic micro-

zoning studies of L'Aquila Municipality [3] (Figure 2). We used an 

accelerogram compatible with the Uniform Hazard Spectrum (UHS) 

of NTC-08 Italian regulations and three accelerograms compatible 

with the spectrum obtained from deterministic attenuation relationship 

for specific magnitude and distance parameters (Mw = 6.7, Repi = 10 

Figure 1. Location of the studied area. The red line refers to the Preturo-Coppito 

geological section representative of the subsoil model of Western L’Aquila Plain 

and wich was used for the 1D and 2D numerical modeling (see Figure 4). 
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km) [4] obtained from disaggregation analysis (DET-1, DET-2 and 

DET-3). 

 
Figure 2.  DET-1, DET-2, DET-3 and NTC-08 refer to the four accelerograms used 

in the 1D and 2D modeling [3]. 

We decided to compare the average of the output (pseudo-

acceleration, pseudo-velocity and displacement) based on accelero-

grams DET-1, DET-2 and DET-3 with output calculated with the 

NTC accelerogram. Both in 1D and 2D analysis, the response spectra 

derived from NTC input understate those derived from disaggregation 

analysis input. 

 

3. 1D and 2D calculation codes 

 

The calculation codes can be divided mainly depending on the Sub-

soil model geometry and the analysis approaches as the equivalent lin-

ear or non-linear ones and in total stress or effective stress soil behav-

ior. The equivalent linear analysis was carried out in total stresses soil 

behavior. It allows a simplified treatment of the problem and, at the 

same time, to take into account complex aspects such as the deposit 

heterogeneity and the non-linearity of the stress-strain relationship. 

Conversely, the equivalent linear analysis does not allow (i) to evalu-

ate the seismic induced pore pressure increase; (ii) to consider the soil 
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stiffness falling due to the seismic induced pore pressure increase; (iii) 

to calculate the permanent soil deformation. 

The non-linear analysis may be conducted in total and effective stress-

es. The use of non-linear effective stress approach takes into account 

the soil behavior submitted to cyclic seismic loadings which can cause 

(i) a considerable surplus of pore pressure effecting liquefaction phe-

nomena; (ii) pore pressure redistribution and dissipation during and 

after the earthquake; (iii) progressive declining of soil stiffness; (iv) 

permanent deformation. 

As a rule, nonlinear analysis therefore allows a more accurate and re-

ality consistent modeling of soil stress-strain behavior, with respect to 

the equivalent linear analysis. The choice between the two mentioned 

approaches must be properly weighted according also to the cost-

effectiveness analysis to determine the representative parameters 

(seismic input and the geophysical subsoil model). The calculation 

codes, most frequently used for the 1D and 2D modeling are respec-

tively SHAKE [5]  and QUAD4 / QUAD4M [5], [6], both character-

ised by the equivalent linear approach. The calculation codes provide 

(i) time histories of shear stress, shear strain, acceleration and the cor-

responding response Fourier spectra at free field condition and at in-

termediate depths from the ground; (ii) maximum values of accelera-

tion, tension and shear strain vs depth. 

The calculation codes used in this study were for the 1D and 2D  

modeling, EERA [5] and LSR 2D from Stacec srl 

(http://www.stacec.com/). 

 

4. 1D analysis: code EERA 

 

The code EERA considers a half-space that refers to a continuous 

model formed by horizontal soil layers of infinite extent. The linear 

viscoelastic model refers to the Kelvin-Voigt rheological model 

(spring and viscous damper in parallel) in which it is assumed that the 

shear waves propagate vertically. The equivalent linear model treats 

the shear modulus G and the damping ratio D as a function of the 

shear strain γ. In the software, G and D are calculated by iterations 

that are leaded by the level of deformation of the subsoil layers in-

duced by the earthquake shaking. In general, the results of the seismic 

http://www.stacec.com/
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site response are: (i) the response spectra in pseudo-acceleration, 

pseudo-velocity and displacement that are basic parameters for struc-

tural design; (ii) the time history of free field acceleration, which is 

necessary for the structural dynamic verification. Summarising, the 

main characteristics of the code EERA are as follows: (i) 1D model; 

(ii) horizontal continuous layer discretization; (iii) Kelvin-Voigt sub-

soil model; (iv) equivalent linear approach in frequency domain; (v) 

transfer function solution type. 

 

5. Analysis 2D: code LSR 2D 

 

Software LSR (Local Seismic Response 2D) can perform a 2D nu-

merical modeling using a finite element approach, time domain, in to-

tal stresses. It uses also the Kelvin-Voigt subsoil model such as the 

more known computer code QUAD 4M. But, LSR 2D is more friend-

ly with respect to QUAD 4M because the mesh calculation is easier 

and faster in case of complex geological background such as that of 

section B-B’. In the 2D analysis with linear equivalent and concen-

trated masses approach, the subsoil model is discretized in a mesh 

with triangular or preferably quadrangular shape elements. Mesh gen-

eration is one of the most significant steps of the analysis, depending 

from it both the accuracy of the solution and the computational bur-

den. It can be said that more the mesh is dense more the solution is ac-

curate and greater the time and memory required for processing. The 

use of an excessively coarse mesh results in a filtering of the high fre-

quency components. The reason is that nodes too far apart cannot ade-

quately model small wavelengths. Therefore, the height h of each el-

ement has to be chose as follows: 

 

where: ℎ is the mesh step; 𝑉𝑠, the shear wave velocity; 𝑓𝑚𝑎𝑥, the max-

imum frequency considered in the analysis (usually equal to 20-25 

Hz).  

In this case study, the mesh generation was built with an adaptive ap-

proach, so as to preserve computational resources in favor of the con-

trol points identified for obtaining the output results (P34, P127, P159, 

P193: Figure 3). The mesh step would increase from higher values 
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starting from bedrock (equal to 4 m) and then level off at lower values 

(equal to 1 m), in the proximity of the control points. The overall bal-

ance is expressed by the following system of equations: 

 
b 

 

 

 
where u is the vector of nodal displacements; M, K and C refer respec-

tively to the matrix of masses, stiffness and damping; , the time his-

tory of the acceleration input. The equations are solved by direct inte-

gration in the time domain with the Newmark method and with the 

CAA method (Constant Average Acceleration) which is stable and 

does not introduce any numerical damping. The seismic motion input 

 is applied simultaneously to the nodes of the bedrock base in the 

form of P and S waves with a vertical propagation. The section B-B’ 

is bordered by outcropping bedrock, which implies no use of viscous 

dampers in the lateral section edges [1] (Figure 4).  

The nonlinear soil behavior is taken into account by performing linear 

equivalent analysis. The dissipative properties of the soil are modeled 

through the matrix dissipation C. It derives from the assembly of the 

dissipation matrices of the individual elements calculated according to 

the complete Rayleigh equation: 

Figure 3. Preturo-Coppito meshgrid section performed with LSR 2D. Botton: 

magnified area referring to the NW valley edge. 
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𝐶𝑖 = α𝑅𝑖𝑀𝑖 + β𝑅𝑖𝐾𝑖 
 

where α𝑅𝑖 β𝑅𝑖 and are the Rayleigh coefficients and 𝑀𝑖, 𝐶𝑖 and 𝐾𝑖 the 

local matrices of the single element. 

The adoption of the Rayleigh equations involves a frequency-

dependent damping, which can affect appreciably the modeling re-

sults. To reduce this effect, LSR 2D uses Rayleigh coefficients calcu-

lated according to two natural frequencies of soil deposit, ωn and ω𝑚: 
 

     
 

 

 

Figure 4. Preturo-Coppito geological section representative of the subsoil model 

of Western L’Aquila Plain (for the location see Figure 2). Quaternary filling    

deposit: col: colluvium (Holocene); at1: terraced alluvium (Upper Pleistocene); 

dbf: calcareous breccia (Middle Pleistocene); lac: lacustrine clayey silt with    

lignite and sand  (Lower Pleistocene); all: alluvium (gravel, sand, pelite) (Lower 

Pleistocene). Seismic bedrock: CAL: Miocene-Cretaceous limestone; UAP:    

Upper Miocene terrigenous unit (sandstone and claystone); Lithologies: B1/B3: 

layered rocks; C1: breccia; E3: sandy gravel; E4: sand; E5: gravelly sand; E7: 

sandy silt; F3: clayey silt; F4: silty clay; Sp: thickness; sites of 1D/2D            

simulations: P34 (NW valley edge); P127: valley center; P159 (SE valley edge); 

P193: breccia onto bedrock site. 
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where ξ𝑖 is the viscous damping ratio of the i-th element; ω𝑚 = ω1, the 

first natural vibration frequency of soil deposit; ω𝑛 = 𝑛 ω1, where n be-

ing the odd integer that approximates by excess the predominant fre-

quency ratio of the seismic input ω𝐼𝑁 and frequency ω1. 

The software LSR 2D requires as input, for each soil the following pa-

rameters: (i) the volume weight, shear modulus, damping at low 

strain, Poisson's ratio; (ii) the G/G0 vs γ and D vs γ curves (Figure 6); 

(iii) the constant α for the calculation of the characteristic value of the 

shear deformation starting from the maximum value of γ (𝑡) (typically 

equal to 0.65). 

Outgoing code provides: (i) maximum accelerations on all nodes; (ii) 

maximum tangential stresses and strains in each element; (iii) acceler-

ation time history in the selected nodes (vertical and horizontal com-

ponents). 

Summarising, the main characteristics of the code LSR 2D are as fol-

lows: (i) 2D model; (ii) discretization with FEM; (iii) Kelvin-Voigt 

subsoil model; (iv) equivalent linear approach in time domain; (v) so-

lution type achieved with numerical derivation (u) and use of New-

mark method; (vi) mesh characteristics (Δh): 4-1 m side quad/triangle 

mesh. 

 

6. Subsoil model data 

 

We selected four sites (P34, P127, P159, P193) on the section B-B' 

Preturo-Coppito) (Figure 4). The P34 is placed in the western edge of 

the section B-B'. The used stratigraphy is of MOPS 2024 (Figure 4), 

which is characterized by COL (E7) units laying upon the seismic 

bedrock [1]. MOPS corresponds to the Italian acronym “Microzone 

Omogenee in Prospettiva Sismica” [2], which can be literally translat-

ed as “Homogeneous Microzones in Seismic Perspective” i.e. zones at 

fine scale characterised by seismic local effects. 

The P127 is placed in the valley center and it represents the condition 

closer to a purely 1D modeling. The stratigraphy corresponds to that 

of the MOPS 2026 (Figure 4), which is similar to that of the MOPS 

2024, except to units thicknesses and Vs values [1]. The point P159 is 

placed in east edge of the section B-B'.  
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The used stratigraphy is of MOPS 2013 (Figure 4), which is character-

ized by AT1 unit (C1, E2, E3, E4, E5, E6 lithologies), superimposed 

on bedrock or on LAC unit (F3, F4 lithologies) and ALL1 unit E5 li-

thology) [1], [8].  

The 𝐺/𝐺0 vs γ and 𝐷 vs γ curves for sands (E3, E4, E5 and E7 litholo-

gies) and clays (F3 and F4 lithologies) are respectively from [9] and 

[10]. The 𝐺/𝐺0 vs γ and 𝐷 vs γ curves for bedrock are from calculation 

codes EERA [5]  and LSR 2D (http://www.stacec.com/). 

 

 

 
 

 

 

 

 

 

  

Figure 5. Geophysical in-hole tests to calibrate the Vs vs depth profile used in 

the modeling: cross-hole tests at Aterno R. bridge (Borgo Rivera, L’Aquila) [9] 
(A) and Colle dei Grilli – Cansatessa RAN section (Aterno R. Valley) [10] (B). 

A 

http://www.stacec.com/
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7. Results and conclusions 

 

Comparison between 1D and 2D output spectra are in good agree-

ment in the central zone of the valley (P127) and in the SE breccia site 

(P193) where there are no morphological and stratigraphic irregulari-

ties (Figure 4). While this comparison highlights values changes at the 

valley edges (P34, P159) (Figure 4), evidencing an increase in ampli-

tude and in the energy content at lower frequencies which is mainly 

due to seismic waves focus (Figure 7 and 8). The results of 1D and 2D 

modeling show also a remarkable correspondence between the reso-

nance frequencies of valley-fill deposits obtained with several noise 

measurements and those calculated by numerical simulations (Figure 

8, Table 1).  

Figure 6. 𝐺/𝐺0 vs γ and 𝐷 vs γ curves for (a) sands: [11] for E3, E4, E5 and E7 

lithologies; (b) clays: [12] for F3 and F4 lithologies; (c) gravels: [13]  for C1; 

(d) bedrock:  rock average attenuation and rock damping from EERA and LSR 

2D codes. 
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This correspondence validates the proposed subsoil model represented 

by the Preturo-Coppito section (Figure 4) in terms of (i) bedrock 

depth; (ii) constant thickness and subhorizontal layering of the valley-

fill deposits in the valley center; (iii) estimated Vs values and (iv) sub-

soil model setting for the code LSR 2D (geotechnical parameters up to 

now used).  

Summarising the main conclusions are as follows: 

- Comparison between 1D and 2D numerical modeling: (i) valley 

center (P127): similar spectra that means no 2D effect; (ii) valley 

edges (P34, P159): increase in amplitude in 2D spectra vs 1D 

spectra  and peak shifting toward lower frequencies due to seis-

mic waves focus (valley edge effect); (iii) 0.7 s peak in three sites 

(P34, P159, P127): probably due to surface waves propagation 

(pers. com. G. Di Giulio). 

- 1D and 2D modeling vs HVSR noise (Table 1): (i) valley center 

(P127): good agreement between output spectra (1.5 Hz) and 

noise HVSR spectra (1.6 Hz); (ii) valley edges (P34, P159): mod-

erate agreement between output spectra and HVSR noise spectra 

in the SE (P159) and NW (P34) valley edges. 

Figure 7. Output spectra (PSA vs time). Sites of Preturo-Coppito section 

(Figure 4). Blue and red curves refer to 2D and 1D modeling respectively. 
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Abstract 
  Hagia Sophia is a huge structure rebuilt in 537AD with a big dome. 

It has been suffered accidents as collapsing the dome repeatedly by 

earthquakes but the original shape has been remained miraculously. A 

Mw7.4 earthquake about 100 km away attacked and affected Hagia 

Sophia in 17th August, 1999. We had measured microtremor of some 

structures in Istanbul including Hagia Sophia two months before the 

earthquake by chance. Two weeks after the earthquake, we had meas-

ured at almost same place again. Hagia Sophia was affected severely 

estimated from the shifted predominant frequency. This fact has been 

already reported and this time the situation of the changing dynamic 

characteristics before and after the earthquake is reanalysed at 48 

points from the response spectra, vibration locus, mode and so on. As 

a result, the response spectra of the main structure shows many peaks, 

mainly one clear peak for EW component and two peaks for NS com-

ponent. Amplification factors of EW component are larger than that of 

NS component and both of them at south side are larger than that at 

north side. Amplification factors decreased obviously after the earth-

quake for entire the EW component. But for NS direction, it was al-

most same at the dome cornice, increased at southern side of 2nd cor-

nice or gallery level (hereafter 3F or 2F respectively) and decreased 

drastically at northern side of 3F or 2F. The torsional vibration in the 

horizontal plane can be detected by the simultaneous measurement at 

east and west main piers on 2F and 3F. It shows complexities as some 

is confirmed in a south-north couple and the other is confirmed only at 
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the one part. It shows that each part moves with a certain level of de-

gree of freedom and suggests the progress of degradation. 

 

1.  Introduction 

 

  Figure 1 shows a view of Hagia Sophia from the west.  

Hagia Sophia construction begun in 532, dedicated in 537 and re-

ceived its definitive form in 562, as a principal church of Byzantine 

empire and converted to a royal mosque in 1453. It contains four brick 

arches from stone piers that offer primary support for a 31 m diameter 

central dome and two semi-domes. It has four main piers supporting 

the corners of the dome base and four main arches that spring from 

these piers and support the edges of dome base [1]. It has a dimension 

of free internal space 30 m wide, 80 m long, 56 m high. During its his-

tory it was affected by many earthquakes resulting in several recon-

structions of different parts of the main dome and repair of some 

structural elements [2]. Structure exhibits large deformations in its 

piers and arches resulting from the material properties. Main piers in-

clined away from vertically 45 cm along the short axis and lean back-

ward an average of 15 cm along the long axis. 

  A Mw7.4 earthquake about 100 km away attacked and affected 

Hagia Sophia. We had measured microtremor of some structures in Is-

tanbul including Hagia Sophia two months before the earthquake by 

chance. Two weeks after the earthquake, we had measured at almost 

Figure 1 Hagia Sophia, view from the west before the event 
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same place again. The result of these measurements has been reported 

[3], and it suggest that Hagia Sophia was affected severely estimated 

from the shifted predominant frequency. 

In this paper, it will be described that the result of the microtremor 

measurement at Hagia Sophia in Istanbul conducted at 8th and 9th 

June, 1999 and at 3rd September, 1999, before and after the Kocaeli 

earthquake, occurred in 17th August, 1999, with a focus on the change 

after the earthquake. 

 

2.  Locations of Microtremor Measurement and Procedures of 

Measurement and Analysis 

 

  Figures 2-1 and 2-2 show measurement locations on the plane, the 

side and front cross sections of Hagia Sophia. Outside Hagia Sophia, 
 

Dome 

3F (2nd 

cornice) 

2F (Gallery) 

1st Floor 

Ground  
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Figure 2-1 Measurement locations in Hagia Sophia 
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measurement points were set 7 points on the ground. And inside Hagia 

Sophia, measurement points were set 16 points at the first floor (1F), 

16 points at the gallery level (2F), 8 points at the second cornice (3F) 

and 8 points at main dome cornice (D). Total number is 48 inside. 

However microtremor measurement was conducted simultaneously at 

two points with same color enclosed by pink long circles using two in-

struments with a three-direction sensor, it was considered as basically 

individual measurement because simultaneous measurement could  

to be conducted in the same level. 

At each site microtremor were recorded three sets of 40.96 seconds, 

4096 data as a sampling time of 1/100 seconds, selecting low noise 

condition. Velocity locus of 40.96 seconds data was drawn using sta-

ble record of three data. Averaged Fourier spectra of each site were 
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derived from the average of three spectra of 40.96 seconds data. Re-

sponse spectra of each site were derived as a spectral ratio divided by 

an averaged Fourier spectra corresponding to site at 1F. 

 

3.  Results of Analysis 

 

3.1. Velocity loci of microtremor before and after the event 

 

  It is easy to grasp visually the dynamic behavior of each site using 

locus. Figure 3 shows the loci of the 40.96 seconds data corresponding 

to the measured location before and after the Kocaeli earthquake on 

the plan and the elevation. Please notice that these loci were not 

measured simultaneously.  

Loci are extremely small with almost same level at all the points at the 

1F, however on the 2F, they are small at the points at the corner of 

southeast or north and large at the center. The extent of loci over 2F is 

almost same and loci on the dome cornice locate radially and the east-

west motion is predominated at the west end. Before the earthquake, 

the loci are predominantly large at south of the dome cornice. After 

the earthquake, the loci are averaged especially at the dome cornice 

and they become large at the northern side and relatively large at 

western side as the building motion. Additionally, the north-south mo-

tion predominates at the center of the gallery level 2F. The vertical 

motion predominates on the east and west half dome, and the vibration 

seems to be rocking vibration on the north-south arch. 

Mentioned above are the results on the analysis of velocity locus, and 

then in the next section the results of the frequency analysis will be 

described. 

 

3.2. Transfer functions of horizontal component after the event 

 

  Figures 4 are the transfer functions of the EW and NS components 

for each point on each level measured after the earthquake, and these 

figures indicate the response for each component layered at the 16 

points corresponding to the location on the plain. The measurement 

points on the dome are indicated at the location of the corresponding 

pier. 
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Before After

Before

After

Figure 3 Microtremor loci in velocity amplitude of before and after 

the Kocaeli earthquake 
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These figures indicate roughly the dynamic characteristics of the 

structure. However the response spectra at gallery level against 1F 
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Figure 4 Transfer functions of horizontal component after the event 

(a) Transfer functions of EW component after the event 

(b) Transfer functions of NS component after the event 
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shows similar shape, it can be seen that the vibration around 1 Hz pre-

dominates at the corner of the structure and that more than 2 Hz pre-

dominates at the other site with large response at western side of the 

structure, and the vibration around 10 Hz is a similar level but be-

comes large around 2 Hz in south-north side. A large response around 

2 Hz is seen at the four main piers in the center or the dome with ten-

dency to become lager in west or south side. A vibration around 1 Hz 

at the corner may be a predominant frequency of the additional mina-

rets at the time of diversion to a mosque and seems to be a vibration 

unrelated to the structure itself.  

Torsional vibration will be described in the next section. 

 

3.3. Phase difference in north-south direction from simultaneous 

measurement of east and west side points of 3F and 2F 

 

  Because the simultaneous measurement was conducted at the plac-

es separated east and west, it is possible to derive the torsional vibra-

tion component from the north-south direction vibration. Figure 5 
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shows the spectrum and its phase difference from microtremor meas-

ured at the main piers of 2F and 3F. Top of the figure indicates the 

phase difference and the figures below indicate the spectrum ampli-

tude of 3F and 2F. Although the phase difference becomes 180 de-

grees at all the points at the frequency range over 3 Hz, the spectrum 

amplitude does not indicates clear peaks after the earthquake. Before 

the earthquake, three points among four points with clear peak have a 

frequency with the phase difference 180 degrees, but all of them do 

not indicate a clear peak after the earthquake. In any case, only the 

south part becomes to be easy to vibrate after the earthquake. 

 

3.4. Transfer functions of main dome and piers, before and after the 

earthquake 

 

  Figure 6 shows the change of the response characteristics of main 

piers and dome cornice before and after the earthquake. At the dome 

cornice, there are one clear peak as first modal frequency at EW com-

ponent and two peaks as second and third modal frequencies at NS 

component. However peaks at EW component can be recognized at all 

the piers before the earthquake, they can be recognized only at the 

southern side after the earthquake. This trend is also seemed at the two 

peaks of NS component and the southern side becomes to be relatively 

easy to vibrate after the earthquake. 

Figure 6 Transfer functions of main dome and piers 
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The peak at high frequency range of NS component is considered cor-

responding to the torsional vibration and it is recognized clearly at the 

NS component of the dome cornice. After the earthquake, the torsion-

al vibration component becomes relatively large because the peak of 

EW component becomes small. However the torsional vibration pre-

dominates at NS component at the dome cornice, which can be seen 

only at the southern side without the dome. 

 

4.  Discussion 

 

4.1. Change of the predominant frequency 

 

  Table 1 show the changes of the first and the second predominant 

frequencies of Hagia Sophia before and after the Kocaeli earthquake 

based on the microtremor measurements and earthquake observations 

on the basis of past research results. The predominant frequency dur-

ing earthquake event is between 1.38 Hz and 1.61 Hz for EW compo-

nent and between 1.53 Hz and 1.79 Hz for NS component after [4]. 

Contrary to this, that of microtremor is rather high. It is considered 

that the predominant frequency during the Kocaeli earthquake de-

creased more than 25 % against that of microtremor, and the change 

of the predominant frequency remained at around 8 % by the micro-

tremor measurement just after this earthquake. And the result of the 

analysis on the earthquake motion records [4] suggests the possibility 

of the quickly decrease and restitution of the predominant frequency 

by the earthquake motion. 

 

 

date 1991 12-Dec-93 1999.6 17-Aug-99 1999.9 Sep. to Dec. 2000

MT or EQ microtremor Eq. microtremor Kocaeli Eq. microtremor Eqs. microtremor

EW 1.85 1.56 1.90 ? 1.76 1.38-1.61 1.75

NS 2.10 1.77 2.20 ? 2.03 1.53-1.79 2.10

unit Hz Hz Hz Hz Hz Hz Hz

by Erdik etal by Erdik etal

Mb4.8, Δ=59km Mw7.4, Δ=97km

1.41?

1.62?

M4.4 – M7.2

Durukal et.al.(2003) Durukal et.al.(2003)

Table 1 Change of the predominant frequency 
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4.2. Amplification mode of the first modal frequency (EW component) 

 

  Figure 7 shows the amplification mode of the first modal frequency 

derived from the amplification spectrum corresponding to the location 

on the plane. Vertical axis is height of the location, and horizontal axis 

is amplification factor. The amplification characteristics show that it is 

large not only at the southern side but also at western side. Especially 

it becomes large at the main pier and the dome cornice at south-west 

part. Although the amplification factor becomes totally small after the 

earthquake, these characteristics are not changed. 
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4.3. Amplification mode of the second modal frequency (NS compo 

nent) 

 

  Figure 8 shows the amplification mode of the second modal fre-

quency and the characteristics do not differ from that of the first mod-

al frequency as a trend. The characteristic point of the first and the 

second mode is large amplification related to the SW main pier, and it 

is obvious especially for the NS component. This problem on the SW 

main pier has been already pointed [4] based on the analysis of the 
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earthquake motion records, and is also clearly appeared on the charac-

teristics of microtremor. 

 

4.4. On the Kb-value, a destructive index 

 

  Figure 9 is an explanation of Kb value. It can be used for the esti-

mation of the drift angle for each floor by multiplying Kb value by 

PGA, peak ground acceleration. 

Please refer the detail of Kb value on Reference [5] as a name of KT 

or Reference [6] in this proceeding. 
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Figure 8-1 Amplification mode of the second modal         

frequency (NS): before the event 
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Figure 9 Ex-

planation of  

Kb value 
 

dj: Displacement at jth Floor

dj = Ajag/wn
2

= Ajag/(2pfn)2

gj: Drift Angle at jth Layer

gj = (Aj – Aj-1)/hj/(2pFn)2ag

= Kbjag

Kbj = (Aj – Aj-1)/hj/(2pFn)2

ag: PGA
Aj: Amplification Factor at jth Floor
Fn: Natural Frequency of the Building
hj: Height of jth Layer

A

A

A
1st Floor

nth Floor

jth Floor

Ground Floor
g1

gj(j-1)th Floor hj

Seismic Acceleration ag

dj

Large K-value means that the portion is vulnerable. 

0

5

10

15

20

25

30

35

40

45

0 50 100

Main Dome

0

5

10

15

20

25

0 5 10 15

West  and East

0

5

10

15

0 5 10 15

North and South

0

5

10

15

0 50 100

Around 3

0

5

10

15

0 50 100

Around 4

0

5

10

15

0 50 100

Around 5

0

5

10

15

0 50 100

Around 7

0

5

10

15

0 50 100

Around 10

0

5

10

15

0 50 100

Around 11

0

5

10

15

0 50 100

Around 12

0

5

10

15

0 50 100

Around 15

0

5

10

15

20

25

0 50 100

West North

0

5

10

15

20

25

0 50 100

West South

0

5

10

15

20

25

0 50 100

East North

0

5

10

15

20

25

0 50 100

East South

0

5

10

15

20

25

30

35

40

45

0 50 100

Main Dome W and NW

0

5

10

15

20

25

30

35

40

45

0 50 100

Main Dome N and NE

0

5

10

15

20

25

30

35

40

45

0 50 100

Main Dome S and SW

0

5

10

15

20

25

30

35

40

45

0 50 100

Main Dome E and SE

H
e
ig

h
t 
in

 m

Amplification Factor

2.1973Hz
Before

NS

DW DN

DS

NW

SW SE

NE

N

S

W E

1F

2F

3F

D

100

15

15

100

100

100

100

0

5

10

15

20

25

30

35

40

45

0 50 100

Maiin Dome

0

5

10

15

20

25

0 5 10 15

West  and East

0

5

10

15

0 5 10 15

North and South

0

5

10

15

0 50 100

Around 3

0

5

10

15

0 50 100

Around 4

0

5

10

15

0 50 100

Around 5

0

5

10

15

0 50 100

Around 7

0

5

10

15

0 50 100

Around 10

0

5

10

15

0 50 100

Around 11

0

5

10

15

0 50 100

Around 12

0

5

10

15

0 50 100

Around 15

0

5

10

15

20

25

0 50 100

West North

0

5

10

15

20

25

0 50 100

West South

0

5

10

15

20

25

0 50 100

East North

0

5

10

15

20

25

0 50 100

East South

0

5

10

15

20

25

30

35

40

45

0 50 100

Main Dome W and NW

0

5

10

15

20

25

30

35

40

45

0 50 100

Main Dome N and NE

0

5

10

15

20

25

30

35

40

45

0 50 100

Main Dome S and SW

0

5

10

15

20

25

30

35

40

45

0 50 100

Main Dome E and SE

H
e
ig

h
t 
in

 m

Amplification Factor

2.0264Hz

After

NS

DW
DN

DS

NW

SW SE

NE

1F

2F

3F

D

N

S

W E

100

15

15

100

100

100

100

-7.8%

Figure 8-2 Amplification mode of the second modal  

frequency (NS): after the event 



Dynamic Characteristics of Hagia Sophia in Istanbul··· 

· 

 

345 

4.5. Kb values at the first modal frequency (EW component) 

 

  Figure 10 shows the Kb value distribution on a plane corresponding 

to the first modal frequency indicating the difference of the level for 

the vertical direction by the color of the circle. As you can find by the 

scale at the center of the figure, although Kb value becomes small af-

ter the earthquake, the trend to be large at west or south side has not 

changed. It is obvious that west or south part is weak point from the 

past earthquake damage or other deformation situation, and it is possi-

ble to say that the microtremor reflects the structural characteristics 

well. Points with large Kb value after the earthquake are at two sub 

piers and two main piers of the west side and the dome cornice at west 

side. It considerably becomes larger at the points on the western half 

dome related to the damage for the half dome of west side and west 

part of the main dome caused by the earthquake in 10th century. 

 

4.6. Kb value at the second modal frequency (NS component) 

 

  Figure 11 shows the Kb value distribution by the second modal 

frequency on the plane as Figure 10. Kb value of the second modal 

frequency becomes large at south side, west side and the dome. It sug-

gests that there must be a weak point from the characteristics of NS 

component. Especially the Kb value of the main pier at south-west 
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part becomes larger after the earthquake for both EW and NS compo-

nent, and it indicates a possibility to be suffered some damage. And 

the Kb value becomes dominantly small after the earthquake for the 

NS component at south-west and south side of the dome, and it is be-

cause the difference for the response of the dome becomes small by 

enlarged response of the south-west main pier. 

These suggest that a large strain between the main pier of south-west 

and the dome cornice before the event concentrates to the main pier of 

south-west part itself after the event. 

It is necessary to notice that these analytical results are estimated from 

the individual measurement having a trend of overestimation against 

the simultaneous measurement. Then we consider that it is necessary 

to conduct the simultaneous measurements at some vertical levels to 

verify the results above. 

 

5.  Concluding Remarks 
 

  We had an opportunity to measure microtremor at Hagia Sophia 

before and after the Kocaeli earthquake in 1999. As a result of the 

comparison of the characteristics by microtremor before and after this 

earthquake with a focus on the microtremor characteristics after this 

earthquake, it was found as follows;  
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i) The vibration predominates toward to the east-west direction as the 

main axis of the building. 

ii) Although this building has almost symmetrical structure for north, 

south, east and west as a center of the center dome, the vibration 

mode shows that it is easy to vibrate at the west and south sides. 

iii) Vulnerability index for structures Kb value suggests that the west 

and south parts may be weakened. 

iv) From the change before and after the earthquake, although the am-

plification factor decreased remarkably for the EW component, 

the trend to vibrate easily around the west side of the dome does 

not change. 

v) The SW main pier has a possibility to be suffered some damage by 

the Kocaeli earthquake. 

vi) As a result of our microtremor measurement two months before 

and three weeks after the Kocaeli earthquake, the predominant 

frequency decreased about 8 % after this earthquake. 

  The result of the microtremor measurement suggests being high 

risk around the west half dome and it agrees with the past researches. 

It is expected to expose the weakness of the building by the character-

istics derived from the microtremor measurement. 
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Abstract 
In this communication, a numerical approach for the prediction of 

vibrations induced in buildings due to railway traffic in tunnels is pre-

sented. The numerical model is based on the concept of dynamic sub-

structuring, being composed by three autonomous models to simulate 

the following main parts of the problem: i) generation of vibrations 

(train-track interaction); ii) propagation of vibrations (track-tunnel-

ground system); iii) reception of vibrations (building coupled to the 

ground). The methodology proposed allows dealing with the three-

dimensional characteristics of the problem with a reasonable computa-

tional effort [1, 2].  

After the brief description of the model, its experimental validation is 

performed. For that, a case study about vibrations inside of a building 

close to a shallow railway tunnel in Madrid are simulated and the ex-

perimental data [3] is compared with the predicted results [4].  

Finally, the communication finishes with some insights about the po-

tentialities and challenges of this numerical modelling approach on the 

prediction of the behavior of ancient structures subjected to vibrations 

induced by human sources (railway and road traffic, pile driving, etc.) 
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1. Introduction 

 

The abrupt population growth in urban areas, from 29% in 1950 to 

54% in 2014, will bring new demands for several engineering topics, 

namely for the development of efficient and eco-friendly transporta-

tion systems. Subway railway networks correspond to the most effi-

cient mass transportation system in highly populated areas. Despite 

the advantages provided by subway railway systems, there are also 

some drawbacks, namely related to vibration and re-radiated noise in-

side buildings due to traffic, which annoy inhabitants and can promote 

health problems for long term exposition.  

Having in mind the concerns expressed above, technical and scientific 

communities have allocated considerable effort on attempts to achieve 

a better understanding of the problem as well as to develop prediction 

tools that can be used to mitigate this kind of situation. From the pre-

vious research, it is possible to establish an understanding of this 

complex problem [1]: i) the dynamic interaction between vehicle and 

track is the source of vibration; ii) vibrations are transmitted from the 

track to the tunnel and, posteriorly, to the ground; iii) the energy prop-

agated as elastic waves on the ground reaches the foundations of the 

structures, impinging the building and giving rise to perceptible vibra-

tions and re-radiated noise inside dwellings.  

Different vibration prediction approaches have been presented during 

the latter years, ranging from scoping and empirical rules [2] to ad-

vanced numerical approaches [3-5]. Although empirical models have 

the advantage of being derived from experimental results, their appli-

cation to complex scenarios, where design of mitigation measures is 

required, is difficult and sometimes even impossible. Alternatively, 

when the problem's geometry is simple, analytical models, like the PiP 

developed at U. Cambridge [6], can be applied. However, if the ge-

ometry is not so simple, Clouteau et al. [7] proposed the usage of pe-

riodic models based on FEM-BEM in order to reduce the computa-

tional effort. Alternatively, if the domain can be assumed as invariant 

along the tunnel development direction, 2.5D approach can be applied 

[5, 8]. 

As highlighted above, a comprehensive modelling approach should al-

so attend to the mechanism of vibration generation and to reception of 
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vibrations inside buildings. Due to the complexity of the problem, the 

sub-structuring approach is a rational methodology for dealing with 

this kind of problem. Regarding to the simulation of the source, it is 

usual to assume that vibrations are generated due to unevenness of the 

track, being the vehicle simulated through a simple multi-body ap-

proach where rigid masses, which represent the main masses of the 

vehicle, are connected by spring-dashpots to attend to the train’s sus-

pensions . A bit more complex is the simulation of the nearby build-

ings. The 3D FEM is the most suitable method for dealing with com-

plex structures of buildings and the SSI problem can be rigorously 

solved by a 3D FEM-BEM approach, where the BEM is adopted for 

the modelling of the ground. Nevertheless, in an attempt to minimize 

the computational effort required as well as the complexity of the 

problem, Lopes et al. [9] showed that lumped parameter models can 

be used to represent the dynamic ground behavior without a consider-

able loss of accuracy. 

From the description presented above, it is clear that the main theoret-

ical bases for the formulation of the problem are established. Anyway, 

the transfer of the knowledge to engineering practice demands the ex-

perimental validation of the numerical tools in order to show their re-

liability and accuracy. The present paper aims to contribute to this par-

ticular aspect, presenting an experimental validation of a numerical 

approach previously presented by Lopes et al. [5, 9]. The selected case 

study corresponds to a shallow railway tunnel in Madrid which cross-

es the ground beneath a building. Experimental measurements of vi-

brations induced by railway traffic were performed by CEDEX [10], 

due to complaints of the building's inhabitants, and were reported in 

Fernández [11]. 

The reasonable agreement obtained between experimental and numer-

ical results show the reliability of the model proposed by Lopes et al. 

[9]. This model has the advantage of being relatively simple and can 

be faced as a valuable tool for the prediction and design of vibration 

mitigation countermeasures.  

Regarding the paper organization, a brief description of the numerical 

approach is presented firstly, being followed by the presentation of the 

case study. Then, the particular aspects of the numerical model are de-

scribed and the results provided by the model are compared with the 
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experimental measurements. Finally, the main conclusions are high-

lighted. 

 

2. Brief description of the numerical approach 

 

The numerical approach used on the present studies was previously 

presented by Lopes et al. [5, 9]. By that reason, only a brief descrip-

tion of the model is here presented, being the reader advised to consult 

those previous works in order to obtain a deep understanding of the 

followed approach. 

In an attempt to reach high numerical performance, the sub-structuring 

approach was followed, being the global model constituted by 3 sub-

models. Each sub-model is dedicated to one of the main parts of the 

whole problem: i) generation; ii) propagation; iii) reception. This clas-

sification can also be established taking into account the sub domain 

that is simulated: 

i) Modelling of track-tunnel-ground system (propagation) 

The solution of the 3D wave propagation through the track-

tunnel-ground system is obtained by a 2.5D FEM-PML ap-

proach, where the equilibrium equations are formulated on the 

wavenumber-frequency domain. Since the FEM is not suitable 

to deal with unbounded domains, the discretized region is bo-

xed by perfectly matched layers, also formulated on the 2.5D 

domain, that avoid the spurious reflection of waves that reach 

artificial boundaries (which results from the limitation of the 

interest domain) [5, 12]. 

This numerical model is used to obtain transfer functions 

between the rail and other points of the system as well as to as-

sess  the impedance of the track which is used on the genera-

tion modulus for the solution of the train-track dynamic inte-

raction problem. 

 

ii) Modelling of train-track interaction (generation) 

The dynamic mechanism arises from the generation of inertial 

forces on the train due to the train-track interaction. These 

inertial effects can have different sources as, for instance, the 

track unevenness. The assessment of the dynamic train-track 
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interaction loads demands the solution of an interaction pro-

blem between both domains, where the dynamics of the train 

must be taken into account. Here, the train is simulated through 

a multi-body approach where the main masses of the train are 

simulated as rigid bodies interconnected by spring-dashpot 

elements to represent the suspensions [13]. Train-track dyna-

mic interaction loads are obtained by a compliance formulation 

developed on the frequency domain, where the source of exci-

tation is given by the track unevenness  

 

iii) Modelling of buildings and soil-structure interaction 

The most suitable numerical approach for simulation of 3D 

dynamic behavior of buildings corresponds to the finite ele-

ment method (FEM). However, the soil-structure interaction 

(SSI) is a relevant aspect that must be correctly attended to 

achieve accurate predictions of vibrations inside buildings due 

to the railway traffic in the tunnel. A precise approach for dea-

ling with the SSI is by the 3D FEM-BEM coupling, where the 

capabilities of the BEM to simulate the dynamic behavior of 

the ground are visible. On the other hand, alternative and sim-

pler methods can also be explored such as the lumped parame-

ter model. Lopes et al. [9] showed that the solution obtained 

considering the SSI from the lumped parameter approach can 

be very similar the one obtained using a detailed 3D BEM ap-

proach, but the former is much simpler in terms of implemen-

tation and can be easily introduced in a commercial finite ele-

ment code. This aspect is relevant, since the method can then 

be easily transferred from academia to engineering practice.  

Since it is assumed that the presence of the building does not 

affect the vibration generation source [14], the vibration fields 

at the free-field, obtained from the application of the modulus 

mentioned above, are used as excitation source to the structure, 

which, on other hand, is coupled to the ground. Studies per-

formed by Lopes et al. [9] show that it is generally acceptable 

to neglect the presence of the tunnel on the assessment of the 

building footings impedance. This simplification allows assu-
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ming the ground as a half-space without any perturbation given 

by the cavity of the tunnel. 

 

3. Case study description 

 

The selected case study corresponds to an old shallow tunnel that 

belongs to a stretch of the railway network of Madrid. The tunnel 

crosses the ground just beneath an existing building. Figure 1 shows 

the geometry of the cross section of the problem. The soil properties 

are also indicated in the figure. These properties were derived from 

the studies performed by Melis [15] on the geotechnical characteriza-

tion of the ground for the construction of recent tunnels in the proxi-

mity of this case study. As can be seen, the tunnel is quite shallow 

being the distance between the roof of the tunnel and the building of 

about only 5.5m. It should be referred that the building was construc-

ted after the excavation of the tunnel. 
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Figure 1. Schematic representation of the cross-section of the tunnel. 
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The liner of the tunnel is on stone masonry, common in old tunnels. A 

Young modulus of 5 GPa and a Poisson ration of 0.2 for the elastic 

dynamic properties of the material was estimated. 

The railway is a STEDEF type, with bi-block sleepers spaced 0.6 m in 

the longitudinal direction and rails UIC 54. 

The building above the tunnel was constructed in the mid 50’s of the 

last century. Figure 2a shows the façade of the building. The structure 

is made of concrete, there is 1 buried floor and 8 elevated floors and 

the plant of the regular floors is depicted in Figure 2b.. 

The properties of the building's structural elements are indicated in 

Table 1. 

Table 1  –Properties of the structural elements of the building. 

Element Properties  

E(GPa), (kg/m3) 

Dimensions 

Slabs 
 

30, 0.2, 2500 thickness: 0.25 m 

Beams 
 

30, 0.2, 2500 0.30x0.60 m2 

Columns 
 

30, 0.2, 2500 0.35x0.35 m2 

 

In addition to the dead weight of the structural elements, a load of 450 

kg/m2 distributed by the slabs surface was considered in order to take 

into account nonstructural masses of the building. 

Regarding foundations, the building is founded on shallow footings 

with an area of 2.75x2.75 m2.  

The vibration measurement was performed by CEDEX during the 

passage of a passenger train type 446 of RENFE (double composi-

tion).  

The unsprung mass of the vehicle is around 1500 kg per wheelset, and 

for the present study the passage at the speed of 14.25 m/s was select-

ed. 

In what the experimental data collected during the tests is concerned, 

the vertical accelerations of rail and track slab were measured as well 

as the vertical velocities of 5th and 7th floors at a position located 

above the tunnel. 
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Figure 2. Monitored building: a) picture; b) structural plan. 

 

It was assumed that the rail unevenness amplitudes can be described 

by a PSD function with the following equation [16]: 
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where kx,0= 1rad/m, S(kx,0) is a constant which comprises the geome-

trical quality of the track unevenness and w is a constant that usually 

assumes a value between 3.0 and 4.0. For the present case study, the 

variables take the following values: S0=1x10-6 m3/rad and w=3. Since 

the unevenness profile of the track wasn’t measured, the previous va-

lues result from an optimization procedure developed in order to ob-

tain an unevenness profile compatible with the measured vertical ve-

locity of the rail due to the train passage. 

 

4. Model description 

 

As mentioned previously, the sub-structuring approach is followed, 

adopting different models and modelling techniques for the distinct 

sub-domains. Concerning the track-tunnel-ground system, the dyna-

mic response is assessed by a 2.5 D FEM-PML approach [5]. 
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Regarding the track, an Euler-Bernoulli beam was adopted to simulate 

the rail and spring-dashpot elements were selected to simulate the 

railpads and undersleeper pads. Sleepers were simulated as a unifor-

mly distributed mass (303 kg/m) and the resilient elements of the track 

were also considered uniformly distributed assuming the following 

properties: 333 kN/mm/m and 67 kN/mm/m for the railpad and under-

sleeper pad respectively. Figure 3a depicts the 2.5D FEM-PML mesh 

adopted. 

a  

b  

Figure 3. Adopted meshes: a) 2.5D FEM-PML mesh.; b) building mesh. 

 

For the simulation of the train and train-track interaction, the two 

more relevant excitation mechanisms were taken into account: i) qua-

si-static mechanism; ii) dynamic mechanism. The former comprises 

the movement of the static loads . For the assessment of the latter, 
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Alves Costa et al. [13], among others, shown that consideration of 

simplified models where only the unsprung masses of the train are 

taken into account is a reasonable approach [13]. 

In regard to the building, a simplified model based on 3D FEM was 

constructed, where the main structural elements were attended, name-

ly the ones mentioned on Table 1. Hence, only vertical dynamics is 

analyzed and since the nearby buildings also have 1 buried floor, it 

was assumed that the ground surface corresponds to the level of the 

footings (simulated as rigid bodies). As will be seen, this simplifica-

tion is acceptable for the intended modelling. Figure 3b depicts the 

adopted finite elements mesh. 

The SSI effects, which are quite relevant for achieving an accurate as-

sessment of the building response due to the train passage [9], are 

considered using a lumped parameter approach in order to represent 

the contribution of the ground. A detailed description of the particular 

aspects of the modelling strategy can be found on previous works of 

the authors, namely on [5, 9].  

Finally, Rayleigh damping approach was followed, being the and  

parameters selected in order to obtain a damping ratio around 1% for 

the frequency range between 5Hz and 80Hz. 

 

5. Experimental validation 

 

Figure 4a compares the measured and computed time histories of 

the vertical velocity of the rail. The homologous results, but in the fre-

quency domain, are given in Figure 4b. As mentioned, the measured 

dynamic response of the rail was used on the assessment of the une-

venness profile of the rails. Actually, the numerical results depicted in 

Figure 4 were computed assuming the unevenness profile defined by 

the equation [1].  

As can be observed, assuming the synthetic unevenness profile gener-

ated, it is possible to achieve a reasonable match between numerical 

and experimental dynamic responses of the rail, with special focus on 

the frequency content illustrated in Figure 4b, where the main compo-

nents of the measured vertical velocity of the rail were reasonably re-

produced by the numerical model. The high frequency content in the 

frequency range between 40Hz and 60Hz, which is visible in both 
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numerical and experimental results, is due to the resonance of the 

wheelset over the track. This conclusion is reached assuming an anal-

ogy with a one degree of freedom system where the mass is given by 

the wheelsets (1500 kg/wheelset) and the stiffness of the spring corre-

sponds to the static stiffness of the track (≈1.4 x 108 N/m). 
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Figure 4. Vertical velocity of the rail: a) time history; b) frequency content 

 

In spite of the artificial generation of the irregularities profile, it 

should be highlighted that only the vertical velocity of the rail was 

used as target information. Therefore, the ability of the model to re-

produce the dynamic response of the system in other observation 

points is not compromised by the assumptions made on the assessment 

of the rail unevenness profile. 
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Figure 5. Vertical velocity of the railway track slab in: a) time domain;  

b) frequency domain.  

 

Figure 5 allows the comparison between experimental and numerical 

records of the vertical velocity of the railway track slab. Once again, 

the reasonable agreement between experimental and numerical results 

is observed in both time and frequency records. However, the numeri-

cal model underestimates the response for frequencies up to 40Hz 

though achieving a good match when the comparison focuses on the 

peak values of the vertical velocity. 

Even with a reasonable match found between measured and predicted 

response of the track, the main goal of the study is the assessment of 
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the capacity of the proposed numerical model to reproduce the dynam-

ic response of the building.  

Figure 6 shows the computed and measured time histories of the verti-

cal velocity in the 5th and 7th building floors. Both experimental and 

numerical results were filtered in order to remove the contribution of 

frequency components above 80Hz.  
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Figure 6 – Time history of the vertical velocity of the slabs for different building 

floors: a) 5th floor; b) 7th floor. 

 

As demonstrated, a reasonable match between computed and meas-

ured results was obtained, highlighting the capacity of the proposed 

numerical model to simulate the main characteristics and trends of the 

response. Although there are differences between measured and com-
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puted results, the peak velocity of the dynamic response was well re-

produced in the computed results.  

It should be highlighted that large uncertainty levels are always im-

plicit in these kind of studies, which are difficult or even impossible to 

fully reproduce in the numerical analysis. Several studies point out 

differences around 10dB between experimental and predicted results 

[17], which deserves some attention since 10dB is a huge difference.  

Hence one of the main descriptors of the dynamic response is the fre-

quency content, Figure 7 shows the frequency spectra of the time rec-

ords detailled in Figure 6. 

a
0 20 40 60 80 100

0

1

2

3

4

x 10
-4

Frequency (Hz)

V
el

o
ci

ty
 (

m
/s

/H
z)

 

 

Numerical

Experimental

 

b
0 20 40 60 80 100

0

1

2

3

4

x 10
-4

Frequency (Hz)

V
e

lo
ci

ty
 (

m
/s

/H
z)

 

 

Numerical

Experimental

 

Figure 7 – Frequency spectra of the vertical velocity of the slabs for distinct building 

floors: a) 5th floor; b) 7th floor. 

Focusing on Figure 7a, it is possible to see, from a general point of 

view, a good match between predicted and experimental results. Nev-
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ertheless, the numerical model is overestimating the response on the 

low frequency range, namely around the frequencies of 5 to 8Hz. This 

level of accuracy is partially lost when analyzing the response of the 

7th floor slab (Figure 7b), where larger differences between observed 

and computed results are more obvious. However, it should be 

stressed that even the experimental results can contain an appreciable 

degree of noise. For instance, the concentrated peak of the experi-

mental response for the frequency of 10Hz in Figure 7b is not compat-

ible with any rational interpretation, and should be related to noise or 

the working frequency of any equipment located in the surroundings 

of the observation point. 

Anyway, in the most relevant frequency range, i.e., from 20Hz to 

60Hz, a quite good agreement between numerical and experimental 

results was achieved, reporting differences smaller than 4dB (third oc-

tave bands not shown here). Moreover, the numerical model was able 

to reproduce the main behavior trends of the system, namely the at-

tenuation of vibration levels with the increasing in height of the ob-

servation point.  

 

6. Conclusions 

 

The present paper focuses on the experimental validation of a com-

prehensive numerical approach previously proposed by the authors for 

the prediction of vibrations inside buildings due to railway traffic in 

tunnels [5, 9]. The numerical approach followed corresponds to a ba-

lance between accuracy and complexity. By that reason, different mo-

delling approaches are adopted as function of the specificities of each 

subdomain, namely: i) a multi-body model for the simulation of the 

train; ii) a 2.5D FEM-PML approach for the simulation of the track-

tunnel-ground system; iii) the 3D FEM for the simulation of the near-

by building. Trying to reduce the complexity of the modelling, a 

lumped-parameter approach was followed to include  the soil-structure 

interaction behavior of the building. This simplification revealed a 

good performance with a large reduction of complexity of the model-

ling strategy. 

The experimental data used in the validation of the model were collec-

ted in a previous campaign performed by CEDEX [10]. A deep di-
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scussion about the modelling simplifications and options was perfor-

med before the comparison between numerical and experimental re-

sults. The most relevant lack of experimental data refers to the absen-

ce of information about the track unevenness, which is essential for 

the running of a study as the presented one. However, to overturn this 

drawback, an optimization procedure was developed in order to find a 

unevenness profile compatible with the measured vertical velocity of 

the rail due to the train passage. 

The comparison between experimental and numerical results revealed 

an acceptable agreement in both the track and the building. Regarding 

the response of the building, notwithstanding the good agreement 

found in the time domain representation, some differences become 

more clear in the frequency domain analysis. Actually, in spite of the 

good agreement found on the frequency range between 20Hz and 

60Hz, where the main energy content in concentrated, in frequency 

range up to 20Hz the differences between numerical and experimental 

data are more relevant. 

The findings of this study are relevant because they allow concluding 

that the proposed numerical approach, based on a dynamic sub-

structuring strategy, constitutes an interesting framework for the pre-

diction of vibrations in urban environment due to subway railway traf-

fic. Moreover, the versatility of the proposed sub-models, based on fi-

nite element concepts, allows including complex geometries for both 

the building and the track-tunnel-ground system. For that reason, the 

proposed numerical model proves to be an interesting framework for 

the design of mitigation measures based on a deep understanding of 

the problem, allowing obtaining a holistic picture of it. 
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Abstract 
  The present study deals with the dynamic identification of Santa 

Maria del Carmine Bell tower, a 68 m tall masonry structure, repre-

senting the highest historical monument in the city of Naples. The 

tower rises on a soft deposit of man-made ground and alternating lay-

ers of marine sands and volcanic ash, overlaying the yellow tuff. The 

deformability of the soil-foundation system was expected to be rele-

vant for the seismic behavior of the tower, so dynamic analyses on a 

complete model of soil, foundation and structure (SFS) were per-

formed through the FLAC3D code. The displacements at each level of 

the structure were analyzed in the time and frequency domains, to 

identify the principal vibration modes of the complete system. The re-

sults of the compliant base model have been compared to the experi-

mental vibration frequencies and to the corresponding deformed 

shapes, as detected in-situ through measurements of the displacements 

of the tower under ambient noise (Ceroni et al., 2009). The computed 

high values of the MAC factor corroborate the reliability of the SFS 

model developed.  
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1.  Introduction 

 

  Due to their high seismic vulnerability and exposure, sometimes 

combined with a really hazardous location, monumental towers may 

be affected by seismic risk more than common buildings. In addition, 

their seismic performance may be significantly affected by the interac-

tion among soil, foundation and structure. Neglecting soil-structure in-

teraction effects may be conservative or not, depending on the struc-

tural features, the nature of the subsoil and the frequency content of 

the seismic input motion. It is well-known that, if the subsoil is softer 

with respect to the structure, the fundamental period of the soil - struc-

ture system increases and part of the seismic energy is radiated 

through the subsoil, so that the bending displacement and the related 

structural damping are reduced (Veletsos and Meek, 1974).  

The case study analysed in the paper is the Carmine Bell Tower, a 

very slender tower on deformable soil in the seashore of Naples. 

The Bell Tower is part of the “Carmine Maggiore” monumental com-

plex, including a church, a monastery and the S.S. Rosario friary (Fig-

ure 1). It is located in the market area of the ancient city, close to the 

main gate of the original Norman city walls. According to ancient 

chronicles (Celano and Chiarini, 1974; Galante, 1873), the first docu-

mented building is a small chapel, dating back the XII century. 

 

Market square

Carmine square

ChurchChurch

Bell Bell 

towertower

MonastryMonastry

 
Figure 1. View of the Carmine square and of the building complex 

 

The first bibliographic citation (Moscarella et al. 1589-1825) about the 

Bell Tower near the “Santa Maria del Carmine” church dates back to 
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the XV century, when the altar of St. Barbara was placed at the foot of 

the tower. Starting from 1439 and during the whole XV century, the 

Bell Tower and the attached monastery became an important Ange-

vins presidium, in order to defend the city from the Aragonese siege. 

In 1456, a violent earthquake with epicentre in Sannio (magnitude MW 

 7.2) induced a macroseismic intensity IMCS=VIII at Naples, although 

the epicentral distance was as high as 63 km. The rostrum of the 

church, part of the large dormitory and the highest part of the tower 

were destroyed. In 1458, a new Bell Tower, consisting on three orders 

with quadrilateral shape laying on the old basement, began to be con-

structed. The works of the actual Bell Tower were completed in 1631 

with the realization of an octagonal cell and a pyramidal spire (see Fig-

ure 1). Both the original tower and the new one, probably reconstructed 

after the earthquake on the basement of the old one, were built separate-

ly from the existing church as corroborated by several iconographic 

fonts (see Figure 1). After the reconstruction of the Tower, the gap be-

tween the Tower and Church was filled because of some architectonical 

modifications occurred in the Church (Ceroni et al., 2009).  

 

2. Characterization of the bell structure and of the subsoil 

 

2.1 Structural setting and materials 

 

From the basement up to 41 m, the Tower has an almost squared 

cross-section (Figure 2), with masonry walls made of yellow tuff. The 

walls are made of two panels with an internal void, filled with scraps 

of masonry and mortar. The first 9 m are covered by large plates, in-

ternally made of ‘peperino’ and externally covered by ‘piperno’, two 

types of volcanic rocks usually adopted as decorative stone. The top-

most part of the Tower has an octagonal cross-section up to 56 m, 

with massive clay brickwalls. Some tuff curtains, internally covered 

by clay bricks, are present at the highest elevations; these were real-

ized for limiting excessive deformability of the Tower after its con-

struction. The mortar joints of the masonry texture always consisted of 

a ‘pozzolana-based’  mortar, as typically for tuff masonry structures. 

The wall thickness decreases from 4 to 1 m along the Tower elevation.  

A detailed in-situ survey allowed the geometry of the structure to be 
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accurately reproduced and the physical and mechanical properties of 

the masonry reliably measured or back-figured (Ceroni et al., 2009). 

Dynamic in-situ tests were also carried out, by three days of continu-

ous monitoring of the tower under environmental actions (traffic, 

bells, wind, anthropic activities) and localized pulses induced by an 

instrumented hammer. The basic instruments of the Operation Modal 

Analysis allowed to reliably identify the first two frequencies of the 

tower and the corresponding modal shapes of the related vibration 

modes, which resulted uncoupled: in particular, the first modal shape 

is translational and parallel to the North-South side, with a natural fre-

quency of 0.69 Hz s, while the second mode is also translational, but 

parallel to the East-West side, and with a frequency of 0.76 Hz. The 

in-situ dynamic tests allowed estimating also the second frequencies 

in both x and y directions; these frequencies (2.29 Hz and 2.35 Hz) are 

associated to vibrations modes with lower mass participating compar-

ing with the first two modes and have a flexural shape too (Ceroni et 

al., 2009). Basing on the comparisons between the results of  modal 

analysis carried out by means of a refined FE model of the Tower as-

sumed with a fixed base scheme and the experimental ones coming 

from  dynamic in situ tests, the Young’s modulus was assumed to be 

900 MPa for the tuff and 1200 MPa for the clay brick wall, values 

comparable to those measured by in situ  flat-jack tests (Ceroni et al., 

2009). 

 

2.2. Subsoil and bell foundation setting 

  

A deep borehole (Sv1) was drilled down to a depth of 59 m, very 

close to the external access to the Bell Tower (de Silva et al., 2015 a). 

The lithological sequence detected is typical of the Eastern area of 

Naples, as reported by previous boreholes carried out in the Carmine 

Square and reaching 80 m in depth (Nicotera and Lucini, 1967). Start-

ing from the ground level, the following layering was individuated 

(Figure 3): 

- Man-made Ground (MG), composed by sand with building debris, 

resulting from artificial filling works down to around 9 m depth. For 

the shallowest 3.7 m, ruins of an ancient building made of yellow 

tuff bricks, held together by lime mortar, have been intercepted;  
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Figure 2. Cross sections of the Bell Tower 

 

- Marine Sand (MS), characterized by the presence of calcitic debris, 

alternating with volcanic ash and pyroclastic silty sand (PS), i.e. co-

hesionless pozzolana, roughly 22 m thick;  

- Yellow Tuff (YT), from 31 until 53 m depth, lightly cemented and 
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affected by weathering, sometimes replaced by thin layers of weakly 

cemented pozzolana; 

- Green Tuff (GT), apparently less weathered and with a different li-

thology from the Neapolitan Yellow Tuff, but likely characterized by 

similar mechanical properties; underneath this formation, deeper ex-

isting investigations intercepted sands, reworked from the action of 

the sea (Nicotera and Lucini, 1967).  

The water table was intercepted at about 2m depth. 

Figure 3 reports the profiles of tip resistance, qc, and sleeve friction, fs, 

as derived from a cone penetration test (CPT) performed in the clois-

ter down to 15m depth. The data are also plotted in terms of the ratio 

between the tip and the lateral resistance, FR. 
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Figure 3. Subsoil layering, CPT resistance (qc, fs and FR), P and S wave velocities 

and reconstruction of the tower foundation  
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In addition, measurements of P and S wave velocities, VP and VS, as 

derived from the Down-Hole test, are also shown. 

In order to reconstruct the shape and the depth of the Bell Tower 

foundation, geophysical investigations together with vertical and in-

clined boreholes have been carried out (de Silva et al., 2014). Besides 

to the above mentioned deep borehole SV1, two more vertical and 

four inclined boreholes were drilled across the foundation and/or the 

subsoil. As a result of all the drillings, the upper part of Figure 3 re-

ports a reconstruction of the foundation, which is consistent with the 

traditional building practice at the age of construction. According to 

the historical chronicles, in fact, the excavations were deepened not 

lower than the groundwater level, the foundations built along the trac-

es of the future main walls and the remaining volume of excavation 

was then filled. As highlighted by the lack of masonry along the verti-

cal drillings and confirmed by the presence at the ground floor of the 

two barrel vaults in the N-S walls, the Bell Tower is only supported by 

the E-W main walls which deepen 2 m below the ground level, i.e. ex-

actly at the groundwater table depth.  

 

3. Soil-foundation-structure (SFS) model  

 

A complete model including the soil, the foundation and the struc-

ture was developed through the finite difference FLAC3D code by 

Itasca Consulting. Topographic amplification effects in the investigat-

ed area are not expected, because the ground surface and the soil lay-

ering are mostly horizontal; nevertheless, the numerical model was 

characterized by a three dimensional geometry (Figure 4), in order to 

catch the combined effect of two-directional input motions and possi-

ble torsional deformations of the tower due to the particular configura-

tion of its foundation.  

The FLAC model includes the main layers reported in Figure 3 up to 

the Green Tuff formation (52 m in depth) assumed as bedrock. The 

investigated volume of subsoil is 50m x 50m. 

The masonry walls, modeled through brick elements, have different 

thickness along the Tower height: 2.5 m thick from the ground level 

until 19m, 2m until 40m, reducing to 1.5m until 49m and to 1m until 

56m. Such a model replicates quite well the current geometry of the 
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Tower less than some regularizations and simplifications. The model 

is indeed asymmetrical along the two directions as in reality. The bar-

rel vault of the first level and the dome are respectively modeled 

through a radial-cylindrical shape and a pyramid, both included in the 

FLAC3D library. The floors, made of reinforced concrete slabs in re-

ality, are modeled through thin slabs characterized by the same stiff-

ness of the brick masonry, as in Ceroni et al. (2010). The rotations in 

the xz and yx plane have been restrained at 19 m to simulate the pres-

ence of the neighbouring buildings.  

The foundation is 2 m deep and 3.5m wide, due to the enlargement of 

0.50m, with respect to the ground floor, for each side of the main walls. 

The parameters adopted for linear visco-elastic analyses are reported 

in Table 1.  

 
 

Figure 4. FLAC 3D model of the Soil-Foundation-Structure system  
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The physical and mechanical properties of the soil layers were derived 

from field surveys and laboratory measurements recently carried out 

(de Silva et al., 2015 a), while for masonry the values of G are ob-

tained by the values of Young’s modulus assessed in (Ceroni et al., 

2009), i.e. 900 MPa for the tuff and to 1200 MPa for clay bricks. For 

the foundation masonry, a reduction to 85% of the shear and bulk 

modulus was assumed with respect to the structure above ground, in 

order to account for ageing effects. 

Following the Rayleigh approach, a damping ratio variable with fre-

quency was assigned to each soil layer. At the fundamental frequency 

of the layered deposit, f1soil=2.2Hz, the damping-frequency relationship 

was characterized by the minimum value measured in the laboratory 

through resonant column tests (de Silva et al., 2015 a). A constant 

damping D0=5% was introduced for the structure and the foundation. 

Table 1. Physical and mechanical properties of materials in the SFS model. 

 
z roof z bed H  VP VS G0 ν K D0 

m m m kN/m3 m/s m/s MPa / MPa % 

Structure 
brick 68 40 28 16 / / 522 0.15 571 5 

tuff 40 0 40 11 / / 391 0.15 429 5 

Foundation tuff 0 -2 2 11 / /  33 0.15 364 5 

Made Ground 

(MG) 

3 0 -3 3 

21 

1440 300 187 0.45 1809 0.83 

2 -3 -7 4 14 0 346 249 0.45 2406 0.83 

1 -7 -10 3 1550 401 335 0.45 3237 0.83 

Pyroclastic Soil 

& Marine Sand 

(PS&MS) 

2 -10 -22 12 21 1550 281 162 0.48 4000 0.65 

1 -22 -30 8 16 1550 412 278 0.46 3385 0.93 

Yellow Tuff 

(YT) 

2 -30 -41 11 
17 

1608 677 789 0.39 3322 0.15 

1 -41 -52 11 1622 730 917 0.37 3221 0.15 
 

 

4. Dynamic identification analyses 

 

A procedure was developed to identify the modal behavior of the 

complete SFS model shown in Figure 4 (de Silva et al., 2015 b). The 

rotations in the xz and yx planes were restrained, in order to simulate 

the presence of the neighbouring buildings. 

Assuming for all the materials a linear visco-elastic behavior de-

scribed by the parameters listed in Table 1, the model was excited by a 

noise signal, lasting 5 s, along the x and y direction separately. Figure 
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5 shows the adopted accelerogram, with a peak amplitude as low as 

0.01g, in the time and frequency domains. 
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Figure 5. Input acceleration adopted for the dynamic identification of the bell in the 

time (a) and frequency (b) domains. 
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Figure 6. Subsoil dynamic response: amplification between the accelerograms at 

the foundation level and at the bedrock depth for different locations (A, B, L). 
 

Changes of the signal due to the propagation in the subsoil were first 

evaluated, by computing the amplification function (Figure 6) as the 

ratio between the Fast Fourier Transform of the accelerograms at the 

foundation level and at the top of the bedrock. The resulting functions 

were smoothed through a moving average filter, by replacing each da-

ta point with the average of the neighboring 10 data points. The ampli-

fication functions were computed along the x- and y-directions for the 

central vertical axis of the model (A), below the foundation (B) and at 

the free-field vertical (L); the first and the second soil frequencies re-
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sulted equal to f1soil=2.3Hz and f2soil=6.3Hz, respectively. It is worth to 

note that the first frequency of the soil is very close to the experi-

mental values of the second frequencies in x and y directions of the 

Tower (i.e., 2.3 Hz vs. 2.29 Hz and 2.35 Hz). Moreover, it emerges 

that the amplification functions are the same along the x and y direc-

tions. In addition, the presence of the structure does not affect the nat-

ural soil frequencies and slightly increases the amplification peaks at 

the higher modes. In other words, in the case at hand the kinematic in-

teraction is negligible, as expected for shallow footings. 

Once the dynamic linear behavior of the soil was detected, the struc-

tural response was investigated by plotting the free displacements at 

different tower elevations, starting from the foundation level (f.l) in 

both x (Figure 8) and y directions (Figure 9). In Figures 10 and 11 the 

FFT of the flexural displacement in directions x and y are plotted, re-

spectively, in order to identify the main frequencies of the Tower.  
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Figure 7. Bending displacements at different Tower levels and at the foundation 

level (f.l.) along x direction. 

 

The values of the first two frequencies experimentally assessed for 

both directions are also plotted in Figure 10 and 11. It can be stated 

that: 

• in direction x the free vibration displacements are the sum of two 

sinusoids (Figure 8); 

• in direction y the free vibration displacements are characterized by 

one sine-wave (Figure 9); 

• three vibration frequencies are recognized in x direction from the 

FFT of the flexural displacement ufx (f1x, f2x, frock,xz, Figure 10); the 
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second numerical frequency, f2x, is close to the first frequency of 

the soil, f1,soil. 

• only two frequencies are recognized in x direction from the FFT of 

the displacements ufy (f1y, frock,yz, see Figure 11) 

• the first two numerical frequencies in direction x and the first fre-

quency in y direction are very close to the corresponding experi-

mental ones. 
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Figure 8. Bending displacements at different Tower levels and at the foundation 

level (f.l.) along y direction. 
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Figure 9. FFT of the bending displacement, ufx, together with the identified experi-

mental and numerical frequencies. 
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Figure 10. FFT of the bending displacement, ufy, together with the identified exper-

imental and numerical frequencies. 

 

Figure 11 shows the numerical deformed shapes of the bell tower su-

perimposed to the experimental data. It can be observed that the most 

important vibration modes of the Tower (the first two in x directions 

and the first one in direction y) are well reproduced by the developed 

SFS model.  

In order to have a synthetic comparison between the numerical and the 

experimental deformed shapes, the Modal Assurance Criterion (MAC) 

has been used by means of the following index: 

   
   

      

2
exp

exp

exp exp

T
num

i i
num

i i T T
num num

i i i i

MAC
 

 
   

  (1) 

where exp
i and num

i are the vector of the experimental and numerical 

modal shapes relative to i-th mode. The MAC index varies between 0 

and 1 and higher is its value, better is the agreement between the ex-

perimental and numerical modal shapes. For the case at hand, the 

MAC values result quite high. In particular values of 98% and 99% 

are reached on the first modes in x and y direction, respectively. A 

slightly lower value (94%) is attained for the second vibration mode in 

x direction. 
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Figure 11. Numerical vs. experimental deformed shapes of the Carmine Bell tower. 
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5. Conclusions 

 

The paper illustrated the procedure developed to carry out the dy-

namic identification of Santa Maria del Carmine Bell tower, founded 

on a soft subsoil made of man-made ground, marine sands and volcan-

ic ash, overlaying the yellow tuff, as typical of the Neapolitan subsoil 

in the coastal area. Numerical analyses on a complete model of soil, 

foundation and structure (SFS) were performed through the FLAC3D 

code. Numerical analyses on a complete and detailed model of soil, 

foundation and structure (SFS) were performed through a three-

dimensional model implemented in the finite difference FLAC3D 

code. The model was based on in-situ geometrical relieves of both 

foundations and structure and the mechanical properties of materials 

have been assessed by means of in-situ tests too. The identification of 

soil and structure main frequencies has been performed by exciting the 

model by a noise signal, lasting 5 seconds, in the x and y direction 

separately. 

The displacements at each level of the bell structure were interpreted 

in the time and frequency domains, to identify the principal vibration 

modes of the complete system. By applying the Modal Assurance Cri-

terion (MAC), it can be stated that the SFS model developed fits very 

well both frequencies and deformed shapes of the Carmine Bell tower, 

detected experimentally by means of previous in-situ dynamic tests 

under environmental dynamic sources. 
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Abstract 
For demolition of Ponte del Barco, the Torrente Mugnone overpass 

at the Parco delle Cascine of Firenze, were checked up entities in the 

field of energy and vibrational noise produced during activities on 

sensitive lens, considering the building located near the structure be-

ing demolished. The vibrations to the building have been checked 

with reference to noise thresholds of disturbance to the person (UNI 

9614) and resentment/damage to the building (UNI 9916). Evaluation 

of transient vibration actions on the building were examined during 

the demolition of the structure, carried out using excavator CAT 320 

D LN equipped with concrete crusher, and handling stages of demoli-

tion material using excavator ZAX 240 Hitachi equipped with a shov-

el. The tests were conducted with Symphonie type level meter (class 1 

REF. EN60651/94 and EN60804/94) and oriented velocimeters n.4 

recording stations using GEOBOX of Sara Electr. Instr. The noise 

level was compared with the acoustic limits of the area and the inten-

sity of vibration induced on sensitive building was related to thresh-

olds of disturbance to the person and damage to structures, ensuring 

that in the course of the demolition operations were the conditions of 

security of operators in the area and the absence of damage to the 

buildings. Based on the findings from the analysis, the acoustic activi-

ty of demolition of the Bridge in Florence took place within the acous-
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tic limits of exemption of localization activities (class IV – area of in-

tense human activity). The exceeded the thresholds of vibrational dis-

turbance to the person was checked, in reference UNI 9614; the ex-

ceeded the thresholds for structural damage was not checked, in refer-

ence to UNI 9916. The attendance of the necessary staff for testing 

acoustic and vibrational did not affect any sensitive subject even in the 

presence of the excess of noise and vibration thresholds of disturbance 

to the person. 

 

1.Introduction 

 

  For the demolition of the Ponte del Barco, flyover at the Torrente 

Mugnone and access Cascine Park of Florence (fig.1), they have been 

carried out checks on the extent of vibrations during the activities on 

sensitive targets. 

 

 
Figure 1. investigation area 
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  The tests were conducted on the energy levels transmitted from 

machines during the demolition of the flyover on areas relevant to the 

work area, with reference to the "disturbance of person", to the limits 

set out by the ISO4866 and UNI9614, and with particular regard to the 

effects on buildings to the limits set out by the UNI9916 (tab.1). 

 
Table 1. UNI standards reference in relation to the structure analysis 

 

  In the acoustic field, the examination of the disturbance of the per-

son has been verified through specific surveys, contextual to the vibra-

tional tests, carried out in compliance with the specifications of Legge 

n.447/95 and DPCM 5.12.97. 

 

2. Acoustic and Vibrational monitoring 

 

  The acoustic and vibrational monitoring was conducted in refer-

ence to the present building in the left of the Torrente Mugnone 

(fig.2), which is the sensing element of control, located above the 

bridge, structurally connected of  the Ponte del Barco (fig.3) and is 

therefore directly affected by the vibrations produced in the early 

stages of demolition. 
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Figure 2. site of investigation area - Satellite view - Googlemaps™ 
 

 Figure 3. view of investigation area from orographic left and right 

 

  The test was conducted using a sound level meter, for acoustic 

measurements (Sound-meter LEVEL- SYMPHONIE -01dB Italy 

(class 1 crf EN60651 / 1994 and EN606804 / 1994) (fig.4), and 3 geo-

phone triples with sensors velocimetric oriented, for vibrational sur-

vey (GEObox 4.5 SARA ELECTRONIC INSTRUMENTS Ltd. (ve-

locimeter 4.5Hz with digital equalizator 600 cps see UNI EN ISO 

8041) (fig.5). 
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Figure 4. Acoustic measurement: Sound-level- meter  SYMPHONIE  - 01dB Italia 

Figure 5. Vibration measurement: GEOBOX 4.5 - SARA ELECTRONIC instr. s.r.l. 

 

  The arrangement of the measurement stations (fig.6) is designed to 

monitor, at critical stages of demolition, the energy level of vibrations 

induced on the sensing structure and to allow inspection with the 

thresholds of “disturbance of the person” and with thresholds of 

"damage to the structure." 

 

 
Figure 6. Building and test points scheme – location of test instruments 

 

3. Measurement parameters and control thresholds 

 

  The measurement parameters were identified in relation to the 

source of the disturbance (tab.2) and to the persistence of activities of 

potential disturbance and / or damage (tab.3). 
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Table 2. Source effect and frequency of stress 

 

 
 

Table 3. Acoustic and vibrational source types 
  The methods and the type of monitoring has been scheduled in ref-

erence to ISO4866, which classifies the type of the building (tab.4a), 

foundation (tab.4b) and the nature of the subsoil (tab.4c) in order to 

control energy thresholds of criticality to be analyzed in the phases of 

control. 

 

 
 

Table 4a. Definition of the buildings type – ISO 4866 
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Table 4b. Definition of the fundations type – ISO 4866 

 

 
 

Table 4c. Definition of the soils type – ISO 4866 

 

  The demolition is carried out by machines following: 

a) Excavator CAT 320D LN equipped with Crushing Machines (fig.7) 

b) Excavator HITACHI ZAX 240 equipped with Loader 60 (fig.8) 

 

      
Figure 7. Noise source –Excavator CAT 320D LN equip. with Crushing Machines 

Figure 8. Noise source –Excavator HITACHI ZAX 240 equipped with Loader 60. 

 

  The vibration monitoring has involved the analysis of the energy 

thresholds of stress induced on the sensing structure in reference to the 

following categories of interference 
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a) Permanent (continuative level over the activities period) (tab.5a) 

 

 
Table 5a. The limit values of horizontal vibration velocity (p.c.p.v.) in order to esti-

mate the action of permanent vibrations on buildings 

 

b) Intermittent (level between recurrent events in temporal distance 

shorter than the duration of each event) (tab.5b) 

c) Impulsive (every level of an event limited in time or reproduced 

with an interval greater than the duration of the same, with a repeat of 

not more than 10 times in the working cycle) (tab.5c). 

 
Table 5b. The limit values of vibration velocity (p.c.p.v.) in order to estimate the ac-

tion of transient vibrations on buildings 
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Table 5c. The limit values of vibration velocity (p.c.p.v.) in order to estimate the ac-

tion of short duration vibrations on buildings 

 

The effects of disturbances have also been distinguished on the 

grounds of the effect (fig.9) 

a) Disturbance (in the acoustic and vibrational field) 

b) Damage (in vibrational field on threshold exceeded of disturbance) 

 

 
Figure 9. Chart stuctural damage correlation acceleration and frequency cycles 
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4.Test Result  

 

4.1.Acoustic survey 

   

The acoustic surveys have given different values depending on the 

phases of activity, with an average value of threshold indicated in 77.8 

dB (tab.6). 

  In the individual activities of demolition the sound measurements 

in respect of the threshold rules provided for the study area of 84.4 

dB, relative to civilian buildings, was exceeded only in the phases of 

activity “B”, consisting in "cleaning excavator" (tab.6). This oc-

curence requires the necessity of send away the residents, in the opera-

tional stages of demolition of the Ponte del Barco. 

 

 

Table 6. Result of acoustic measurement 

  

4.2.Vibrational survey 

   

The vibrational tests, examined primarily in reference to the 

threshold of disturbance to the person, with attention to the thresholds 

set UNI9614, are conducted on the station that measured the energy 

values higher (station V1 – fig.6). 
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  The velocimetric recordings on the three oriented components of 

the sensors used (fig.10) have been processed with operations of deri-

vation and integration, calculating the energy levels in decibels on the 

axes of reference, by identifying the maximum value for the Zcompo-

nent in the peak value registered (fig.11). 

 

 
Figure 10. Test point # 1 : time history 

 

 
Figure 11.  # 1 : response in 1/3 octave bands vertical axis (whole time history) 

   

In the disturbance to the person the exceeded threshold occurred in 

critical conditions for the single workstation V1, where the Z-

component of the vibration are recorded peak values higher of the 

value normative limit of 80 dB (tab.7a), and which are of 86.20 dB on 
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the stations V2, V3, of 84.31 dB on the station V3 and of 90.93 dB on 

the station V1 of greater criticality (tab.7b). 

 

 
(Legge n.447/95) 

Table 7a. Report test points of vibrational measurement with check analysis 

 

 
(Legge n.447/95) 

Table 7b. Report test points of vibrational measurement with Lw cumulative 

   

The analysis of the monitoring with regard to the threshold of damage 

of the buildings (UNI9916), regarded the velocity induced to monitor-

ing station points, limited to the component that exceeds the threshold 

of disturbance of the person. 
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  The analysis found that the recorded velocities at the monitoring 

stations V1 and V2 are detected on the sensing structure speed peak 

(tab.8) below the limit of damage threshold (tab.9). 

 

 
Table 8. Report test points - velocity peak / persistent frequency - UNI 9916 

 

 
Table 9. The limit values of velocity peak / persistent frequency - UNI 9916 

 

  The threshold of structural damage, depending on the dominant 

frequency recorded at monitoring stations, is verified in 32.0 mm / s 

through specific normogram correlation (tab.10). 

 

UNI 9916 
Table 10. Reference line normogram of velocity peak / persistent frequency 

   

Induced vibrations on the structure sensitive in monitoring the activi-

ties of demolition of the Ponte del Barco not have reached velocity of 

damage to the structure in any of the phases being monitored. 
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5.Conclusions 

 

  The monitoring of the activities of demolition of the Ponte del Bar-

co in Florence, executed with instrumentations of normal finding in 

the electronic market, has measured the stress levels induced by the 

activities of demolition machines on the building sensitive structure. 

  The analysis of the early stages of activity of demolition has de-

tected conditions of disturbance to the person, in some specific operat-

ing steps, while has excluded critical conditions in respect of the 

threshold of structural damage, in both phases of demolition that the 

expulsion of materials. 

  The demolition of the overpass was programmed to carry out the 

operations for which it was registered exceeded the thresholds of dis-

turbance to the person, in the periods of the day in which it was possi-

ble to send away the residents; the exceeded the thresholds of the dis-

tubance of the person did not affect anyone. 

  The monitoring was conducted with the periodic presence of staff 

in charge of measumerements, for the control of the vibrational levels 

achieved, monitored continuously; the technical report is required to 

assessments of security conditions during work activities. 
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to improve the dynamic and the seismic response 
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Abstract 
In the last years some studies have started to investigate the 

opportunity to improve the seismic behavior of conventional structures 

by disconnecting one or more upper stories. An archetype model, 

constituted by a simple two-degree of freedom system, has been taken 

as representative of structures where a base isolation or a tuned mass 

damper scheme is used. The system has a constant total mass, while 

stiffness and mass ratios are taken as variable parameters. An extensive 

parametric analysis has been performed to characterize the system. 

Two different types of behavior maps, one referring to the base 

isolation and the other to the tuned mass damper, have been obtained. In 

these maps the regions where a base isolation or a tuned mass damper 

system works properly are well recognizable and it is also possible to 

point out some other regions of the parameters space where both 

systems work well. Some numerical simulations, performed on 

shear-type systems, have been performed to confirm the results 

provided by the archetype model. 
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1.  Introduction 

 

The Base Isolation ( BI ) and the Tuned Mass Damper (TMD ) have 

always represented interesting solutions to reduce vibrations in 

structures. These two methods of protection of structural systems are 

well known from several years, and a lot of papers have been dedicated 

to the study of their basic mechanisms. Until some years ago, the BI  

and TMD  have been treated as two distinct opportunities to improve 

the dynamic behavior of structures, due to their different intrinsic 

characteristics. On the one hand, the BI  works better when used in not 

very flexible structures subject to earthquake excitation. On the other 

hand, the TMD  is more suitable for flexible structures, under wind 

excitation, though some papers have demonstrated that TMD , 

especially in the case of high mass ratio, may represent a valid 

protection system against earthquake excitation as well. 

In the last years various studies have investigated the opportunity to 

move from the context described above towards new and more complex 

solutions. For example, in [11, 10] it is investigated the use of the 

TMD , shifted down on the first floor above the isolation layer, in a base 

isolated structure, in order to reduce the base displacements. On the 

other hand, the condition that a "suitably heavy" TMD  may well 

perform as a protection device against the earthquake action, has 

brought the basic idea that sufficient mass for the damper could be 

obtained from the structure to be protected itself, instead of adding 

supplemental mass. Various researchers have been developing this idea 

with different proposals, with conceptual basis that might be related to 

the following characteristics: the mass source and the location of the 

disconnection. 

However it must be underlined that most of the works dedicated to 

this specific issue are principally focused on the search of the optimum 

parameters related to the disconnection layer (i.e. mass, damping and 

frequency ratios). In [3, 9] entire portions of the structure (the 

substructures) are turned into vibrating masses with a uniform 

disconnection, along the building's height, with respect to the rest of the 

structure (the superstructure). In [12, 5] the mass of the damper is 

represented by the entire roof system of the building while the 

disconnection stands on top of the structure in a classical manner. In [1] 
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new storeys (2 or 4) are placed on an isolation layer on the rooftop of an 

existing 12-storeys building, so that they can act as a TMD  system to 

control the vibration of the lower portion. Although this latter paper 

deals with supplemental mass, added as a retrofitting strategy, it is 

possible to consider the overall structural model as the one of a unique 

structure with a mid-story disconnection and the mass of the upper 

portion turned into a TMD . 

About the mid-story disconnection, various works [13, 14, 15] have 

studied, analytically and experimentally, the dynamic behaviour of 

building structures equipped with an isolation layer, placed mainly 

above the 1st floor. Lately the performance of a mid-story 

disconnection in a structural system has been analysed in [8] where, on 

the basis of an energy approach, an optimal design method has been 

defined in order to protect both the upper and lower structural portions 

divided by the isolation layer. Regarding the possibility to disconnect 

the structure at different levels, to improve its overall dynamic 

response, it would be of interest to wonder what are the limits that exist 

between the BI  and TMD  and when the disconnection can be 

considered as a base isolation or a tuned mass damper system. 

This paper tries to give an answer to this question by introducing a 

simple two-degree of freedom model. Similarly to what performed in 

[2, 4, 7, 6] and in most of the above mentioned works, a simple 

two-degree of freedom model may be taken, as a matter of fact, as 

representative of structures where a BI - or a TMD -scheme is used. 

This "archetype" 2-DOF system has a constant total mass while 

stiffness and mass ratios, related to the two degrees of freedom, are 

taken as variable parameters. Both external harmonic and seismic 

excitation are considered. An extensive parametric analysis is 

performed to characterize the system. Two different types of behaviour 

maps, one referring to the BI  and the other to the ,TMD  are 

introduced. To make them comparable, they will be represented in the 

same parameters space. In these maps the regions where a base 

isolation or a tuned mass damper system works properly, are well 

recognizable and, beside them, it is also possible to point out some 

other regions of the parameters space where both systems work well. 

Some numerical simulations, performed on shear-type systems, are 
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performed to confirm the results provided by the simple two-degree of 

freedom model. 

 

2.  Archetype models 

 

A main archetype two-degree of freedom model (2- DOF ) is used to 

describe the behaviour of general multi-degree of freedom systems 

related to structures where a disconnection is present. The vertical 

position of the disconnection is taken as a variable parameter of the 

problem. Moreover, two auxiliary single-degree of freedom systems 

(S-DOF) are introduced as reference cases. They are used to represent 

the behaviour of general systems before that the disconnection is 

performed. 

The main structural model is a simple 2- DOF  system (Fig. 1) 

subject to ground acceleration ga . The total mass 
1 2=m m m  is 

considered constant, while the ratio of the two masses is considered 

variable. According to Fig. 1, this configuration can be derived from an 

ideal block, with mass m , cut by a virtual horizontal plane at various 

heights. Both masses are linked to linear elastic springs whose stiffness 

are 
1k  and 

2k  and linear viscous dampers whose coefficient are 
1c  

and 
2c . 

 

Figure 1. Main two-degree of freedom system 

 

Two dimensionless parameters are introduced to describe the 
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variability of the disconnecting plane and of the stiffness of the linear 

springs. Specifically: 

 2 2 2

1 2 1

= = ; =
m m k

m m m k
 


 (1) 

where   is the mass ratio and   is the stiffness ratio. The parameter 

 , consistently with a constant global mass m , is contained in the 

range [0.1,0.9] . It is of interest to note that when   is equal to the 

extreme values of its definition range, the main 2- DOF  may suggest 

some particular structural schemes. Specifically, these schemes 

describe two different vibration reduction strategies, the Tuned Mass 

Damper ( , 0.1TMD   ) and the Base Isolation ( , 0.9BI   ). 

Therefore the basic idea of this study is to analyse, by varying  , 

  and the characteristics of the base acceleration, the evolution of the 

two schemes and to find out the conditions under which these schemes 

can effectively identify a vibration reduction system. 

For the purpose of developing a parametric analysis, the equations of 

motion will be written in a dimensionless form, in order to express the 

main characteristics of the various systems in terms of   and  . 

Equations presented in the successive sections will be written on the 

basis of the following definitions and relations: 

 1 2
1 2

1 2

= ; =
k k

m m
   (2) 

 1 2
1 2

1 1 2 2

= ; =
2 2

c c

m m
 

 
 (3) 

 2

1

= =
1

m

m





 (4) 

 2 2 1

1 1 2

= =
k m

k m

 

 
 (5) 

where 
1 , 2  and 

1 , 
2  are respectively the natural circular 

frequencies and the damping ratios evaluated considering the two 

masses of the main 2- DOF , together with their linking devices, as two 

isolated subsystems. 
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The following dimensionless time   and displacements 

, ( =1,2)ix i  are introduced: 

 1 2
1 1 2= ; = ; =

x x
t x x

l l
   (6) 

where l  is a length. Since the problem at hand is discrete any value of 

l  can be chosen. For the sake of simplicity, in the following = 1l  will 

be set, thus obtaining that = ,( =1,2)i ix x i . The substitution of the 

variable t  with the dimensionless variable  , makes possible to write 

1( ) = ( )i ix t x   and 2

1( ) = ( )i ix t x  ( =1,2)i . The dimensionless 

Newton's equations of motion of the main 2- DOF  in matrix form read 

 

1 2 21 1

2 22 2

1

2

2 2 2( ) ( )1 0

( ) ( )0 2 2

( )1 1 0 1
( )

( ) 0 1
g

x x

x x

x
a

x

     

     

 


  

      
      

       

        
        

      

 (7) 

As introduced before, two auxiliary single-degree of freedom 

systems are considered as reference cases, strictly related to the main 2-

DOF . In Fig. 2 a representation of these two systems is 

shown.Specifically the System 1 (Fig. 2
a

) is obtained from the main 2-

DOF  system by connecting through a rigid link the upper mass 
2m  to 

the bottom mass 
1m . Hence, the system works as single-degree of 

freedom of total mass 
1 2=m m m . It can be also interpreted as the 

original system of total mass m , before that the intermediate 

disconnection is performed. The dimensionless equation of motion of 

the System 1 reads: 

 1 1 1 1( ) 2 (1 ) ( ) (1 ) ( ) = ( )S S S gx x x a            (8) 

The System 2 (Fig. 2 b ) is obtained by the main 2- DOF  system by 

connecting through a rigid link the bottom mass 
1m  directly to the 

ground. Also in this case, the system works as single-degree of freedom 

of mass 
2m . The dimensionless equation of motion for System 2 is: 
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2 2 2 2( ) 2 ( ) ( ) = ( )S S S gx x x a

 
    

 
    (9) 

 

Figure 2. Auxiliary single-degree of freedom systems: (a) System 1; (b) System 2 

 

3.  Gain indicators 

 

 Considering that the two schemes refer to two different definitions 

of the frame's mass, whose vibrations must be reduced (
1m  for TMD

-scheme and 
2m  for BI -scheme), two parameters capable to evaluate 

the effectiveness of both the schemes are introduced: 

 1

1

1

max ( )
=

max ( )S

t

x t


  (10) 

 2

2

2

max ( )
=

max ( )S

t

x t


  (11) 

where 1 1( ) = ( )t x t  is the drift of the frame in TMD -scheme and 

2 2 1( ) = ( ( ) ( ))t x t x t   is the drift of the frame in the BI -scheme (Fig. 

1); 
1Sx  is evaluated in the System 1 (Fig. 2

a
) in which spring and 

damper are equal to those linked to the lower mass of the the main 

2 DOF  model (Fig. 1); 2Sx  is evaluated in the System 2 (Fig. 2
b
) in 

which spring and damper are equal to those linked to the upper mass of 
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the the main 2- DOF  model (Fig. 1). 

On the basis of these definitions it is possible to assert that 
1  and 

2  can express a measure of the effectiveness of the two mitigation 

strategies, namely of the TMD -scheme and BI -scheme, respectively. 

Clearly, the lower is the value of ( = 1,2)j j  with respect to unity the 

higher is the performance of the relevant protecting strategy. 

Specifically, 
1  indicates the possibility to get benefit by subdividing 

the structural mass of the frame and utilizing part of it as a TMD  

instead of considering it as a whole. On the other hand, 
2  indicates a 

comparison between the drifts related to a frame, the superstructure 

one, placed respectively on a fixed or on an isolated base. 

In the following it will refer to these quantities as gain indicators. 

The representations of the gain indicators in the parameters    

plane will be called gain maps. 

 

4.  External excitations 

 

Both harmonic and seismic excitation are used in the analyses. 

Specifically, the dimensionless harmonic external excitation ( )ga 
reads: 

 0( ) = sin( )g ga a   (12) 

where   is the nondimensional time t and 
1= /  , with   the 

circolar frequency of the harmonic excitation. Since all the equations of 

motion are linear, the results are always proportional to the amplitude 

0ga . So, when ratios of results are evaluated, they do not depend on the 

values of 0ga . 

Two different sets of seven seismic registrations (total 14) are 

considered as well. For each set, seven records has been selected 

according to spectrum-compatibility criterion based on the elastic 

design response spectrum, provided by the Italian Seismic Code, for the 

specific site of L’Aquila. Further details about these accelerograms will 

be introduced ahead. 

Following the dimensionless approach used to define Eq.(7), the 

nondimensional seismic excitation reads: 
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1

1
( ) = ( )ga g 


 (13) 

where ( )g   is the dimensionless seismic registration, normalized to g, 

since the results do not depend on the amplitude of the excitation and

1 12 /T  .  

It can be observed that both the excitations given by Eq.(12) and 

Eq.(13) depends on a parameter. Specifically, the harmonic excitation 

depends on the parameter  , while the seismic one depend on the 

period 
1T  of the lower mass of the 2-DOF system (see Fig.1 and 

Eq.(2)). As a consequence, also the gain maps will depend on these 

parameters. 

 

5.  Analysis of the response under harmonic excitation 

 
A parametric analysis is performed to analyse the evolution of the 

gain indicators 
1  and 

2  in the parameters space  -  - . All the 

computations in the paper are obtained for fixed values of the damping 

ratios 
1 2= = 0.05  . This value refers to concrete frames as well as to 

low damping rubber isolators.A program in Mathematica® has been 

developed to obtain two maps in the parameters plane  -  , where in 

each one a different gain indicators 
1  or 

2  is shown. Each pair of 

maps is obtained for a fixed  . 

The evolution of the gain indicators 
1  and 

2  is analysed in 

specific ranges of the parameters, capable to describe the behaviour of a 

wide class of structures. Specifically, [0.1,0.9]  and [0.1,4.0] . 

Small values of   ( 0.1 0.2   ) and values of   less or equal to 

the unity, refer to the classical applications based on the TMD

-scheme. On the contrary, large value of   ( 0.8 0.9   ) and values 

of   sufficiently far away from the unity ( 2.0 4.0   ), refer to the 

classical applications based on the BI -scheme. All the intermediate 

values of the parameters are also considered to understand the 

correlations between the two schemes. 
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Figure 3. Gain maps: (a) = 0.5 ; (b) = 0.75 ; (c) =1.0 . 
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In Fig. 3and 4 the gain maps referring to the two gain indicators 
1  

and 
2  are shown, for several values of  . In these maps, inside the 

dark grey regions, the values of 
1  and 

2  exceed unity, thus no 

advantages on the use of the disconnection of the system is obtainable. 

On the contrary, inside the light grey regions the gain parameters are 

less than unity and an advantage of the use of the disconnection on the 

system is encountered. As it is possible to observe, for a fixed  , in 

wide common ranges of the parameters   and   both the gain 

indicators 
1  and 

2  are less than unity.  

As first interesting thing, it is possible to observe that the light-grey 

region of the 
1  maps is bounded by the vertical straight line 

/ =1 , where   is the frequency of the external force and   is 

the one of the original system before the disconnection. Both the gain 

areas (the light grey ones in the 
1  and 

2  maps) enlarges for 

increasing values of the parameter  . Small values of   refer to the 

case of external excitation with a period larger than the period of the 

lower oscillator of the main 2- DOF  system. On the contrary, large 

values of   refer to the case of external excitation with a period 

smaller than the period of the lower oscillator of main system. As a 

general comment it is possible to assert that both the TMD - and the  

BI -schemes work better when the period of the excitation is not very 

large. However, the effectiveness of the two methods, measured by the 

smallness of the gain coefficients 
1  and 

2 , proceeds in opposite 

direction with respect to  . Specifically, the effectiveness of the 

TMD -scheme reduces for large values of  , on the contrary the 

effectiveness of the BI -scheme increases for large values of   (see 

the level curves of the maps of Fig. 3 and Fig. 4). 

In both the gain maps a particular curve can be recognized, where 

one of the gain coefficients gets the minimum value. Specifically, the 

curve 
TMDC  refers to the minimization of the 

1  parameter, while the 

curve 
BIC  refers to the minimization of the 

2  parameter. If the 

parameters   and   define a point on one of these curves, then an 

optimization of the TMD - or of the BI -scheme occurs, since a 

minimization of the displacements manifests itself. These two curves 

depend also on the parameter   since they are different in all the maps 

shown in Fig. 3 and Fig. 4. A closed form of the two optimization 
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curves 
TMDC  and 

BIC  can be obtained: 

 2: =TMD   C  (14) 

 2: =
1

BI


 


C  (15) 

 
Figure 4. Gain maps: (a) =1.5 ; (b) = 3.0 . 

 

An optimal design of a vibration reducing system should have the three 

parameters  ,   and   on one of the curves 
TMDC  or 

BIC  thus 

assuring the minimization of the displacement of the TMD - or of the 

BI -scheme, respectively. Since the two previous curves are always 

distinct in the parameter space, it does not exist a set of three values of 
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the parameters for which an optimization of both the aspects related to 

the TMD  and the BI -schemes is possible. Hence, to perform a 

design capable of taking into account both the advantages occurring by 

the two gain maps, a design curve is proposed. Starting by the 

observation that the region of the parameter plane    

includedbetween the two curves 
TMDC  and 

BIC  is always inside the 

light grey region of both the gain maps, the design curve is built by the 

mean of the two previous curves. In this way the design parameters will 

be always sufficiently close to the optimal ones, provided by the curves 

TMDC  and 
BIC . The design curve DesignC , then reads: 

 

 21
: =

2 1
Design


  



 
 

 
C  (16) 

This curve is represented by the solid thick line in Fig. 3
c
. 

A simple simulations is performed to check whether the results 

obtained for the archetype system are good for real structures too. A 

six-story, shear-type frame is used as a real structure. The frame is 

composed of six equal stories, each one having the same lumped mass 
2= 40.8 /m kNs m . The value 5= 2.33 10 /k kN m  is uniformly used 

for each story. The simulation regards a disconnection of the last two 

stories, designed as a TMD -scheme (Fig. 5
a

). The objective of the 

operation is the reduction of the displacement 
1x  of the lower 

structure. With the aim to evaluate the gain indicators 
1  and 

2 , two 

structural schemes, equivalent to the System 1 and the System 2 of Fig. 

2, are used and shown in Figs. 5 ,b c . In the lower part of all the Figs. 5a,c 

the equivalent archetype systems are shown, with the aim to highlight 

the differences and the similarities among real and archetype systems. 

The disconnection is designed by referring to the 1  gain map related 

to =1 , shown in Fig. 3 c . The points A  and B  refer to the two sets 

of parameters selected for the simulations. The mass ratio is always 

= 0.33 , since it depends to the number of the disconnected stories, 

each one having the same mass, with respect to the total number. Then, 

the two points, labelled A  and B , provide two different stiffness ratio 

 . Starting from a known value of the equivalent stiffness 1k , the 

stiffness of the disconnection 
2k  follows from the ratio 

2 1= /k k  

related to the two points A  and B .  
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Figure 5.TMD -scheme simulation: (a) Real and archetype main system; (b) Real 

and archetype System 1; (c) Real and archetype System 2; (d) Time-histories of the 

case =1 , = 0.33  and = 0.5 ; (e) Time-histories of the case =1 , 

= 0.33 and =1  (solid lines:
1x  and 2 1x x ; dashed lines: 

1Sx  and 2Sx ). 
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The stiffness 
1k  has been  obtained  from  a  simple  static 

equivalence by which it is equal to the horizontal force that should be 

applied on top of the lower frame in order to obtain a unit value of the 

displacement 
1x .The first case is represented by the point A  where 

= 0.5 . It is interesting to observe that this point is inside to the gain 

regions of both the 
1  and the 

2  gain maps. This fact should assure 

the minimization of the response of the structure. Specifically, both the 

displacement 
1x  and the drift 

2 1x x  (Fig. 5
a

) should be smaller than 

the referring displacements 
1Sx  and 

2Sx  respectively. In Fig. 5dthe 

time-histories of the displacement 
1x  and of the drift 

2 1x x  (solid 

lines) are compared with the displacements 
1Sx  and 

2Sx (dashed 

lines). As it is possible to observe in both the graphs the displacements 

of the whole structure (Fig. 5a) are smaller than the referring 

displacements 
1Sx  and 

2Sx .The second case refers to the point B, 

where 1  . In this case the point B is only inside the gain region of 

the 
1  map, assuring the minimization of the displacement 

1x  only, 

with respect to the displacement xS1. The time-histories shown in Fig. 5e 

confirm this fact. As a consequence of having chosen the design 

parameters, related to the point B, the drift x2 − x1 is higher than the 

referring displacement xS2. 

 

6.  Analysis of the response under seismic excitation 

 
The main objective of the seismic analisys hereby presented, has 

been to build some gain maps, similar to the privious ones, but coming 

from a more complex base acceleration, such as seismic excitation. It is 

worth noting, however, that the use of a single natural accelerogram, 

would have produced a map of limited interest, due to its strict relation 

with the frequency content of the specific accelerogram. Therfore, in 

order to have maps of wider and more general significance, the analisys 

should have been carried out considering groups of different 

accelerograms that could be somehow related each other. This kind of 

relation has been identified in the spectrum-compatibility criterion, 

defined for a code based design response spectrum. Thus, in this 

context, the aim of the analisys has been to create gain maps related to a 

specific design spectrum and not to a given base acceleration.   
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As said before, two different sets of seven natural, non-scaled 

seismic registrations (total 14) have been considered. Each set of seven 

records has been selected to be spectrum-compatible with the elastic 

design spectrum for the site of  L’Aquila, provided by the Italian 

Seismic Code (ISC) [16]. Specifically, this design spectrum is related to 

the Life Safety Limit State (SLV) and is based on a exceedance 

probability of 10% in 50 years, equivalent to a return period of 475 

years. Moreover it should be specified that the design spectrum refers to 

a site class A and a topogrphic category T1, according to ISC 

definitions. The spectrum compatibility requires that, for each period, 

in a specific range, the mean value of the spectral ordinates, obtained 

from a group of seismic registrations, must not be lower than 10% of 

the design spectrum (target spectrum), while there’s no upper 

tollerance. The minimum number of 7 registrations, for each set, 

allows, according to ISC, to consider, for a specific result 

(displacements, forces, etc.) the mean value of the maxima coming 

from different accelerograms. The selection of the seven signals of each 

set has been performed using the software Rexel [17]. Besides the 

parameters described above (return period, site class, etc.) the selection 

has been carried out considering also particular ranges of magnitude 

and epicentral distance, consistent with the seismic hazard of the 

specific site. Using this software it has been possible to obtain two 

differet sets of signals that do not share any seismic event, while in each 

set more than one record comes form different registrations of the same 

earthquake. In Fig. 6 the spectra of the two sets of seismic registrations 

are shown. In particular, in this figure, the spectra of the single 

earthquake (thin lines), the target spectrum (thick line) and the average 

spectrum of the seven registrations (dashed thick line), are reported. In 

Table 1, the main characteristics of the earthquakes of the two sets are 

reported. 

As for the case of the harmonic base acceleration, a parametric 

analisys has been carried out, by varing the main parameters  ,   

and 
1T .and using the same value of the damping ratios 1 2= = 0.05 

 
in all the computations. The analisys has been conducted twice: one for 

each set of accelerograms.  

For the pourpose of the analisys the gain parameters have required a 
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modification of their definition; this modification is consistent with the 

considerations introduced above about spectrum-compatibility. 

Obviously, the refined gain parameters conserve the same meaning of 

that in Eq.(10) and Eq.(11). Specifically: 

 max

max

1

1

1

=
Sx


 ,  max

max

2

2

2

=
Sx


  (16) 

where
max1 is the mean of the maxima drifts of the frame in TMD

-scheme obtained for the seven earthquake registrations and 
max2  is  

the mean of the maxima drifts of the frame in the BI -scheme; 
max1Sx is 

the mean of the maxima displacements evaluated in the System 1 (Fig. 

2
a

); 
max2Sx is mean of the maxima displacements evaluated in the 

System 2 (Fig. 2
b
). 

 

 

Figure 6. Spectra of the seismic excitation: (a) First set of seven earthquakes; (b) 

second set of seven earthquakes; (thin lines: spectra of the seismic registrations; thick 

lines: target spectrum of L’Aquila; dashed thick lines:average spectrum of the 

registrations). 

 
In Fig. 7 the gain surfaces of the two gain parameters defined in 

Eq.(16) are shown, for each set and for three different values of the 

period 1T . It can be noted that the surfaces appear quite similar. Due to 

the linearity of the problem at hand, remembering the meaning of 

sprectrum-compatibility and taking into account that the two sets of 

seven registrations are compatible with the same spectrum, the gain 

parameters defined in Eq.(16), provide almost the same gain surfaces 

for each set. In fact they are defined using the mean of the maximums 
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responses, just as it happens in the construction of the average 

spectrum. 

In Fig. 8 the gain maps of the first set of earthquakes are shown. 

They are obtained by projecting in the plane   , the gain surfaces of 

Fig. 7a. These might be used as design maps. The meaning of the grey 

levels is the same of the gain maps of the harmonic excitation, shown in 

Fig. 3 and Fig. 4.  
Similarly to what performed for the harmonic excitation, a 

simulation concerning the same structural system has been carried out 

considering the seismic analysis. Hence a six-story shear-type frame, as 

that shown in Fig. 5b has been considered.  
 

Table 1. Seismic registrations of the two sets of earthquakes 

 
Waveform 

ID 
Earthq. 

ID 
Station ID EarthquakeName Date Mw 

Fault 
Mechanism 

Epic. 
Distance 

[km] 

S
et

 1
 

198 93 ST64 Montenegro 15/04/1979 06.09 thrust 21 

287 146 ST93 Campano Lucano 23/11/1980 06.09 normal 23 

665 286 ST238 Umbria Marche 26/09/1997 00.00 normal 21 

294 146 ST100 Campano Lucano 23/11/1980 06.09 normal 26 

7142 2309 ST539 Bingol 01/05/2003 06.03 strike slip 14 

4674 1635 ST2486 South Iceland 17/06/2000 06.05 strike slip 5 

6277 1635 ST2558 South Iceland 17/06/2000 06.05 strike slip 15 

S
et

 2
 

55 34 ST20 Friuli 06/05/1976 06.05 thrust 23 

6341 2142 ST2497 
South Iceland 
(aftershock) 21/06/2000 06.04 strike slip 20 

6336 2142 ST2563 
South Iceland 
(aftershock) 21/06/2000 06.04 strike slip 24 

5270 1338 ST2486 Mt. Vatnafjoll 25/05/1987 - oblique 25 

7187 2322 ST3311 Avej 22/06/2002 06.05 thrust 28 

6332 2142 ST2483 
South Iceland 
(aftershock) 21/06/2000 06.04 strike slip 6 

6349 2142 ST2558 
South Iceland 
(aftershock) 21/06/2000 06.04 strike slip 5 

  

The same disconnection of the two upper stories is performed, by 

following a design procedure based on the TMD-sheme. The frame is 

composed of six stories, each one having the same lumped mass 
2= 37.5 /m kNs m . The value 5=1.68 10k  /kN m  is used for the first 

story, while 4= 8.59 10k  /kN m  is uniformly used for the others. 
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Figure 7. Gain surfaces. 

 
The point A, shown in Fig. 8a, has been chosen as design point 

( 0.33, 0.7)   . It is inside the gain regions of both the gain 

indicators 1  and 2 . It is espected that a minimization of the 

amplitude of the oscillations, both of the lower four stories and of the 

disconnection plane occurs, with respect the reference case given by the 

System 1 and the System 2 (shown in Fig. 5b,c).  

Starting from a known value of the equivalent stiffness 1k , the 

stiffness of the disconnection 2k  follows from the ratio 2 1= /k k  

related to the point A. As done before for the harmonic excitation, the 

stiffness 1k  has been obtained from a simple static equivalence by 

which it is equal to the horizontal force that should be applied on top of 

the lower frame (the first four stories) in order to obtain a unit value of 

the displacement 1.x  
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Figure 8. Gain maps of the first set of seven earthquakes: (a) T1=0.5s; (b) T1=1.0s; 

(c) T1=1.5s. 
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In the seimic analysis the seven registrations of the Set 2 are used, 

different to those used to build the gain maps of Fig. 8.  

In Table 2, the results of the time-history analisys are shown. 

In this table the gain indicators, defined in Eq.(16) are reported. As it is 

possible to observe both the gain indicators are less than unity, assuring 

the good performances of the disconnection and confirming the validity 

of the gain maps and of the proposed design method. 

 
Table 2. Seismic gain indicators for the Set 2 of earthquake registrations. 

Set 2 1  2  

0.69333 0.95325 

 

7.  Conclusions 

 

In the last years some studies have started to investigate the 

opportunity to improve the seismic behaviour of conventional 

structures by disconnecting one or more upper stories. It is of interest to 

wonder when the disconnection can be considered as a base isolation or 

a tuned mass damper system. 

To give an answer to this question, an archetype model, 

constituted by a simple two-degree of freedom system, has been taken 

as representative of structures where a base isolation or a tuned mass 

damper scheme is used. The system has a constant total mass, while 

stiffness and mass ratios have been taken as variable parameters. The 

damping of the system has been always taken constant. Two types of 

external excitations have been considered in the analyses. Specifically, 

both harmonic and seismic excitation have been used to check the 

validity of the method. 

An extensive parametric analysis has been performed to 

characterize the system. Two different types of behaviour maps, one 

referring to the base isolation and the other to the tuned mass damper, 

have been obtained. In these maps the regions where a base isolation or 

a tuned mass damper system works properly, are well recognizable and 

it has been also possible to point out wide regions of the parameters 

space where both systems work well.  

Some numerical simulations, performed on shear-type systems, 
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confirmed the results provided by the archetype models. 
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Abstract 
Still nowadays masonry structures represent most of the global built 

environment in seismic regions. Despite their diffusion and long age, 

their dynamic behavior under earthquake loads is still extremely hard 

to predict, since it depends on several site-dependent factors, such as 

local empirical expertise, that are difficult to generalize. Furthermore, 

considerable and often economically disproportionate efforts are usu-

ally required to achieve a sufficient knowledge level for characterizing 

the basic variables affecting their response. The problem is challenging 

and the recent earthquakes have highlighted the extreme urgency to pro-

vide structural engineers with reliable yet simple procedures to seismi-

cally assess such buildings. 

This work intends to propose a new approach for dealing with exist-

ing masonry structures, by expressing their seismic vulnerability in 

terms of failure probability, using only two (or three, if needed) simpli-

fied non-linear deterministic analyses, where the standard deviations of 

a selected number of variables are appropriately combined. The method 

has been applied to five Structural Units, where two types of wall con-

nections and four masonry types were considered. Numerical models 

are purposely developed in spreadsheets, to calculate the base shear/dis-

placement response of each floor and then build the global response of 

the equivalent SDOF system. For the purpose of comparison, the pro-

posed approach was validated against a fully probabilistic analysis by 

including all uncertainties affecting the structural response. 
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The probabilistic response of each considered structural unit is rep-

resented through Capacity/Demand (C/D) ratios and exceedance prob-

abilities. Sensitivity analyses are used to quantify and rank the effects 

of each variable on the global response. The viability of the overall pro-

cedure is commented upon, with due attention to the ensuing errors, 

which are deemed to be more than acceptable, given that only a few 

analyses have to be carried out. 

 

1.  Introduction 

 

The seismic assessment of existing masonry buildings is seldom an 

easy task, especially when one deals with the so-called masonry build-

ing clusters. The global behavior of these structures depends on several 

factors: wall-to-wall connections, wall-to-floors and wall-to-roof con-

nections, regularity of the structure, stiffness of the horizontal dia-

phragms, pounding among the different portions of the cluster. 

A rigorous approach would require a detailed analysis of the entire 

building cluster, however, in order to avoid complex – and probably 

useless – calculations, the Italian seismic code (NTC 2008) introduces 

some simplifications. The entire cluster is regarded as an assemblage of 

Structural Units (SU), which can be analyzed separately, disregarding 

any interactions. Moreover, each SU is analyzed on a floor-by-floor ba-

sis with separate pushover analyses, disregarding torsion and rocking. 

Starting from this simplified approach, a probabilistic method of 

analysis of SUs is here presented, which makes use of a limited number 

of deterministic analyses by appropriately varying some basic relevant 

random variables, such as: general data, geometry, materials, and seis-

mic hazard. Such procedure is an extension of one previously proposed 

by Monti and Vailati (2009), which included all uncertainties affecting 

the seismic structural response. To validate such procedure, fully prob-

abilistic Monte Carlo analyses have been carried out, to compute the 

SU failure probability and, through sensitivity analyses, to identify and 

rank each basic random variable in terms of its effect on the global re-

sponse. The comparison between the simplified procedure and the full 
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probabilistic analysis has been performed under different types of ma-

sonry (from low to high quality) and considering both full and absent 

wall-to-wall connections.  

 

2. Structural Units 

 

The comparative analyses have been carried out on five different 

Structural Units (SU), denoted from SU1 to SU5, ideally situated in 

Fisciano, Salerno (Italy). They intend to represent typical masonry Ital-

ian structures consisting of two, three and four floors with different ge-

ometrical configuration (Figure 1).  

 

 
 

Figure 1. 3D models of all analyzed SU. 

 

SU1 has a rectangular-plan shape with 12x5 m size and four floors, 

for a total height of 14.5 m. The bearings walls are ten: six in the longi-

tudinal direction and four in the transversal direction. SU2 is similar to 

US1

US2

US3

US4

US5
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SU1, but with three floors, for a total height of 11.0 m. SU3 has a plan-

wise irregular configuration of 105.8 m2 with 16 bearing walls on two 

floors, and a total height of 7.5 m. SU4 has a regular plan with 15x10 

m with 18 bearing walls, but an irregular configuration in elevation: 

part of the structure has three floors, and another two floors. Finally, 

SU5 has three floors, with 18 bearing walls and the same layout as SU4, 

except for irregularity in height. 

The nominal wall thickness for all SUs changes from 0.5 m at the 

ground floor and first floor to 0.4 m for the second and third floor. 

Floors are considered as rigid and made of reinforced concrete, where 

tie beams guarantee a good connection between floors and masonry 

walls. Figures 1-3 synthetically represent the layout of each SU. Further 

details can be found in (Khazna 2015).  

For each SU, two alternative conditions for the wall-to-wall connec-

tions are considered: either longitudinal and orthogonal walls are not 

connected, or all walls are effectively connected.  

 

3. Deterministic method 

 

The SU model (Monti and Vailati 2009) develops in two parts: 

- local, where the capacity of each floor is evaluated, 

- global, where the responses of each floor are combined to build 

the base shear vs. top displacement relationship of the equiva-

lent SDOF system. 

The current seismic Italian code (NTC 2008) allows, in case of infi-

nitely rigid floors, some simplifications to assess the seismic perfor-

mance of existing masonry building clusters. In particular, the analysis 

can be performed floor by floor, while neglecting the effects of rocking 

and torsion on each single wall (these limitations have actually been 

removed in more recent versions of the software, including that of the 

rigid floor diaphragms).  

Based on the local nonlinear constitutive law of each masonry wall 

– assumed as a bilinear elastic-plastic law, according to the Italian code, 

with the ultimate displacement dependent on the collapse mechanism – 

the overall behavior of the floor is then described as a parallel system 
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of walls, which is used to obtain the corresponding story force-displace-

ment law. Each floor is subsequently assembled into a series system, 

with lumped masses and translational degrees of freedom at each floor, 

to form the overall building force-displacement law. With such system, 

both local global displacement demands are calculated and then com-

pared to the corresponding displacement capacity.  

The deterministic procedure can be briefly summarized in the fol-

lowing steps: 

- definition of a constitutive bilinear law for each masonry wall 

in terms of three parameters (“yield” strength, “yield” displace-

ment and ultimate displacements, where in this case “yield” is 

to be interpreted as “damage initiation”); 

- definition of a constitutive law for each floor, by summing each 

wall contribution, when rigid floor condition is assumed (how-

ever, the rigidity assumption can be relaxed); 

- definition of an equivalent bilinear constitutive law for each 

floor; 

- computation of the dynamic response by means of a simplified 

modal analysis; 

- computation of the interstory drift; 

- comparison between capacity and demand for each interstory in 

terms of displacement. 

 

3.1 Mechanical and geometrical property  

 
Figure 2. Transversal section of a wall. To the left, I-shape without connections,  

to the right, T-shape with connections (Menegotto et al., 2010) 
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The presence of effective connections between walls increases their 

flexural capacity and stiffness. Figure 2 shows a I-shaped cross-section, 

resulting from a lack of connections at the two ends, and a T-shaped 

cross-section, resulting from the effective connections with orthogonal 

walls. The effective flange width is defined as shown in Figure 3. 

 

 
Figure 3. Definition of effective flange width (Tomazevic, 1999), where  

htot is the total height of the shear wall and l is the distance between shear walls 

 

4.  Probabilistic risk assessment of MBC 

 
Figure 4. Nature of the input and output variables  

in the deterministic and probabilistic approach 

 

DETERMINISTIC RESPONSE 

Model

f (xn)

xi,1

xi,n

xi,2

y1

y2

yiInput
deterministic

deterministic

Output
deterministic

CI: 5,24E 0,03

Model

f (xn)

xi,n

xi,2

xi,1
y1

y2

yi

Reliability: 72.6%

Input
Sthocastic

deterministic

Output
stochastic

STOCHASTIC RESPONSE 

MONTE CARLO ANALYSIS
Sampling method



The input variables are assigned casually by
probability density function

The PDF are chosen amid the most 
representative of input variables

DETERMINISTIC RESPONSE 

Model

f (xn)

xi,1

xi,n

xi,2

y1

y2

yiInput
deterministic

deterministic

Output
deterministic

CI: 5,24E 0,03

Model

f (xn)

xi,n

xi,2

xi,1
y1

y2

yi

Reliability: 72.6%

Input
Sthocastic

deterministic

Output
stochastic

STOCHASTIC RESPONSE 

MONTE CARLO ANALYSIS
Sampling method



The input variables are assigned casually by
probability density function

The PDF are chosen amid the most 
representative of input variables



Simplified approach to assessment of masonry structures using few analyses 429 

 

The general approach to a seismic risk-based procedure can be sum-

marized as shown in Figure 4.  

The probabilistic procedure includes all uncertainties that may affect 

the seismic structural response, of both intrinsic and epistemic nature. 

Most of them refer to the mechanical parameters of materials, geometry 

of the structure, structural details, loads and seismic risk, while some 

others to modeling details.  

 

4.1 Variables and their modelling 
Table 1. Statistical data of input variables 

Category Variables Distribution Correlation Min Max Mean  

General 

data 

du,v % 
Uniform No 

0.3 0.5 0.4 0.057 

du,f % 0.5 0.7 0.6 0.057 

 Discrete No 0.5 1 0.75 - 

Gk [KN/m2] Normal 
No 

  5 0.5 

Qk [KN/m2] Gamma   0.4614 0.316 

Masonry 

types 

M
1
 

fm [KN/m2] Uniform No 1000 1800 1400 230.9 

 [KN/m2] 

 

0.02fm   28  

E [KN/m2] 700fm   980000  

G [KN/m2] 0.4E   392000  

 [KN/m2] Normal No   19 0.5 

M
2
 

fm [KN/m2] Uniform No 1400 2400 1900 288.7 

 [KN/m2] 

 

0.0185fm   35.15  

E [KN/m2] 700fm   1330000  

G [KN/m2] 0.4E   532000  

 [KN/m2] Normal No   16 0.5 

M
3
 

fm [KN/m2] Uniform No 2000 3000 2500 288.7 

 [KN/m2] 

 

0.0175fm   43.75  

E [KN/m2] 700fm   1750000  

G [KN/m2] 0.4E   700000  

 [KN/m2] Normal No   20 0.5 

M
4
 

fm [KN/m2] Uniform No 2600 3800 3200 346.4 

 [KN/m2] 

 

0.02fm   64  

E [KN/m2] 700fm   2240000  

G [KN/m2] 0.4E   896000  

 [KN/m2] Normal No   21 0.5 

error % to  

Normal No 

-20% +20% 0 10 

error % to E -20% +20% 0 10 

error % to G -20% +20% 0 10 

Geometry 

error % to L 

Normal 

No 

-5% +5% 0 2.5 

error % to t -10% +10% 0 5 

error % to h -10% +10% 0 5 

t1 [m] 

Uniform 

0.45 0.55 0.5 0.029 

t2 [m] 0.35 0.45 0.4 0.029 

T 0.75 1 0.875 0.072 

G 0.35 0.65 0.5 0.087 

Seismic 

Hazard 

Se(g)  

for each period 
LogNormal No     
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Variables in the probabilistic analysis are defined by probability dis-

tributions function (Table 1). The assignment of a certain distribution 

to an input parameter depends on the quality and quantity of the avail-

able information regarding it. A better knowledge level for each varia-

ble can reduce its epistemic uncertainty. The data acquisition and sub-

sequent probabilistic description are based on Bayesian inference. 

As for the seismic hazard, the Italian code provides the seismic input 

in terms of elastic acceleration response spectra, defined on a prede-

fined grid of geographic points for nine different return periods.  

The site of the structural units under investigation was considered to 

be in Fisciano (SA, Italy). Three percentiles (16%, 50% and 84%) were 

used to define the density distribution of response spectra for each pe-

riod, as shown in Figure 5; these values were taken from the Interactive 

Seismic Hazard Maps (INGV 2007) for soil class A.  

 
Figure 5. Response spectra for three percentiles (16%, 50% and 84%) 

 

From best-fitting analysis, it was observed that the Beta distribution 

is the most suitable to describe the spectral ordinates PDF at each pe-

riod. From the nonlinear analyses, a period for each direction of the SU 
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was calculated, and the associated PDF is that corresponding to the 

closest period.  

Regarding the parameters of the masonry types considered (from M1 

to M4 in Table 1), uniform distributions were adopted over the ranges 

given by the Commentary to the Italian code (NTC 2008). Such ranges, 

in the intentions of the code drafters, actually represent the range ob-

served all over Italy and can be used when there is no prior information 

available about the local properties.  

 

4.2 Probabilistic analyses results 

 

 
Figure 6. C/D frequency distribution SU2, X direction, Model A 

 

The analysis was performed choosing four types of masonry and 

considering three types of connection between orthogonal walls: 

“Model A” considers the walls as unconnected, “Model B” considers 

the walls as connected, “Model C” considers that connections increase 

ductility by a factor of 2 (Vailati et al. 2010).  

For each structural unit (5 SUs), 12 probabilistic analyses have been 

performed, for a total of 60. Each analysis consists of 10,000 iterations, 
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which implies that 600,000 different structures have been sampled in 

each direction, X and Y, for a total number of simulations of 1,200,000.  

Figures 6 and 7 show the results from Monte Carlo analyses con-

cerning the C/D ratio in terms of displacement for SU2, X direction, 

connection type A and B, and four different masonry types, from M1 to 

M4. It can be observed that the lognormal distribution (red line) is the 

curve that best fits the obtained results. Similar results have been ob-

tained for each of the 60 cases; in almost all of them, the lognormal 

distribution describes with sufficient accuracy the statistical distribu-

tion of C/D ratio. 

 

 

 
Figure 7. C/D frequency distribution SU2, X direction, Model B 

 

A sensitivity analysis has been carried out on the input variables in 

Table 1; in particular, in Figure 8 a so-called “tornado diagram” is plot-

ted. The number inside the bar represents the percentage variations of 

the output variable (in this case the C/D ratio) when the corresponding 

parameter is increased by one standard deviation, while all the others 

are at their average value. Positive values on the graph mean that the 
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increase of the correspondent parameters leads to higher C/D values 

(decreasing of collapse probability), whereas negative values mean the 

opposite.  

Similar representations have been obtained for all cases and taken 

into account in order to understand the effects of the different variables 

on the C/D ratio of the SUs. Such analyses lead to the conclusion that 

the following five variables, a) spectral acceleration, b) compressive 

strength of masonry, c) ultimate diagonal shear displacement, d) crack-

ing factor of masonry (decrease of modulus E), e) shear strength of ma-

sonry, are the parameters that have the most significant influence on the 

C/D ratio. 

 
Figure 8. Influence of input variables on C/D for SU2 ,  

X direction, masonry type M1, model A and B 

 

5.  The “α-method” 

 

Based on the results of the probabilistic analyses, a method for the 

reliability assessment of masonry buildings using only deterministic 

analyses has been formulated. The objective of this method is to obtain 
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a sufficiently approximate estimate of the exceedance probability by 

only running a limited number of deterministic analyses. The method 

will be here explained with reference to the case at hand and starts from 

some simple general considerations, such as: 

- variables can be in general grouped, either by engineering 

judgement or from considerations on the case at hand, between 

those having larger sensitivity on the output variable and those 

having smaller sensitivity; 

- among the former, variables can be further grouped between 

those having positive sensitivity and those having negative sen-

sitivity. 

Appropriately combining the variables having larger sensitivity, it is 

possible to arrive at a sufficiently accurate estimate of the parameters 

(mean and variance) of the C/D lognormal distribution by running two 

or three deterministic analyses only: 

- Analysis “0”: all variables are considered at their mean values: 

this yields a sufficiently accurate estimate of the mean of C/D; 

- Analysis “1”: all variables having larger sensitivity are consid-

ered at their mean values minus one standard deviation times 

the sign of their sensitivity: this is representative of the most 

unfavorable combination of the variables;  

If needed, a third deterministic analysis could be run: 

- Analysis “2”: all variables having larger sensitivity are consid-

ered at their mean values plus one standard deviation times the 

sign of their sensitivity: this is representative of the most favor-

able combination of the variables.  

 

5.1 General formulation 

 

The capacity of a structural system is usually expressed with a scalar 

quantity Y, as a function G of the basic uncertain variables collected in 

the vector X: 

 ( )Y G X  (1) 
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Generally, the function G is not expressed in analytical form, then 

the distribution of Y can be found through numerical analysis on a rep-

resentative model. Mean value and variance of Y are given, respec-

tively, by: 

 ( )Y G  X   (2) 

 

2

2 2

1
i

n

Y X

i i

G

X

 
   

 
  (3) 

It is seen that the estimate of the variance requires calculation of n 

gradients, i.e. the sensitivities, in Eq. (3). Since the G model is numeric, 

this implies running n perturbation analyses (or 2n if a finite difference 

method is used), which may be cumbersome.  

Here the idea is proposed of estimating the standard deviation 

through a sort of “combined” sensitivity, obtained by running two anal-

yses (or three, if needed): one with the mean values and another one 

where all n variables are varied at the same time, so to obtain:  

 inf,sup ( sgn )Y G s  X X X  (4) 

where: ( sgn ) sgn
i ii X Xs s   X X  is the Hadamard product. 

Notice that infY  and supY  represent the “worst” and the “best” case, 

respectively, when all variables are varied by one standard deviation 

according to their either unfavorable or favorable contribution to the 

output variable. 

If one knew the true standard deviation, those values could be ex-

pressed, for each analysis, as:  

 inf,sup Y YY     (5) 

In this way, one could introduce a correction factor   defined as: 

 infY

Y

Y 
 


     and     

sup Y

Y

Y 
 


 (6) 

where the numerator is obtained from “combined” sensitivity analyses 

(in the following, called simplified analyses) and the denominator is 
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obtained either through Monte Carlo analysis or through Eq. (3) (in the 

following, called probabilistic analyses). 

The correction factor can then be calibrated a priori for each combi-

nation of basic parameters (e.g., same US type, same masonry type, 

etc.). The calibrated value of   can be taken as the mean value   

among all calibration analyses and it can be used to obtain an estimate 

of the standard deviation when only running so-called deterministic 

analyses with “combined” sensitivity, as follows: 

 infˆ Y
Y

Y 
 


 (7) 

Notice that, if Y is log-normal (as shown for example in 4.2), Eq. (6) 

is then given as: 
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Y
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 (8) 

The failure probability can then be estimated as: 

 
inf

ˆ
Y Y

f

Y Y

p
Y

    
      

     
 (9) 

 

5.2 Application of the procedure 

 

The parameter α has been calculated for each of the investigated SUs 

and the corresponding failure probability has been estimated with the 

simplified analysis and compared to the fully probabilistic analysis.  

The statistical values of α are listed in Table 7, in reference to all 

masonry types used in the SUs.  

Starting from left, the table contains: mean value α(Mi), standard de-

viation σ, coefficient of variation CV, corrected mean value α*
(Mi) used 

to calculate the standard deviation σ*
C/D and equal to α(Mi)-σ. It can be 
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seen that a reasonable deterministic value for α can be assumed, given 

its mean and standard deviation, between 1.6 and 2.0. 

The error estimation in absolute terms is per se insufficient to allow 

judging the merits of the methodology; a larger error might be accepted 

if this represents a conservative overestimation of the failure probabil-

ity, on the contrary it will have to be small enough when the failure 

probability is underestimated. 
 

Table 7. Statistical values of α for all masonry types used in the SUs 

Masonry 

Type 
α(Mi) σ CV α*

(Mi) 

M1 -1.313 0.339 0.258 -1.651 

M2 -1.510 0.504 0.333 -2.013 

M3 -1.488 0.535 0.359 -2.023 

M4 -1.455 0.660 0.453 -2.115 

Table 8. Error and absolute error in estimating the failure probability  

Masonry 

Type 

Mean value of  

Absolute Error (%) 

Mean value of  

Error (%) 

M1 6.91 -6.33 

M2 17.75 -5.04 

M3 25.27 -11.07 

M4 34.75 8.71 

 

Table 8 shows the comparison in terms of failure probability. The 

errors are calculated with the following expressions: 

 
( ) ( )

(%)

( )

100
p d

abs

p

P P
Err

P


       and     

( ) ( )

(%)

( )

100
p d

p

P P
Err

P


   (10) 

where, P(p) is the failure probability obtained from Monte Carlo analysis 

and P(d) is the failure probability obtained from the simplified approach. 

From Tables 7 and 8 it is seen that the proposed procedure leads to 

a sufficiently accurate estimate of the failure probability, especially if 

one considers that only three analyses are run for each case, as opposed 

to the 2n+1 that are needed for the full probabilistic analysis.  

Figures 9-16 show the comparison of the C/D PDFs obtained with 

the simplified (blue line) and the probabilistic (red line) analyses.  
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It should be noticed that the simplified procedure mostly overesti-

mates the failure probability. The graphs of 16 cases are here presented 

(out of a total of 80), in reference to SU1 and SU4, models A and B, in 

X and Y direction and with masonry type M1 and M4.  

 
Figure 9. PDF of C/D: SU1, X and Y direction, masonry type M1, model A. 

 

Figure 10. PDF of C/D: SU1, X and Y direction, masonry type M1, model B. 

 

 

Figure 11. PDF of C/D: SU4, X and Y direction, masonry type M1, model A. 
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Figure 12. PDF of C/D: SU4, X and Y direction, masonry type M1, model B. 

 

 

 

Figure 13. PDF of C/D: SU1, X and Y direction, masonry type M4, model A. 

 

 

Figure 14. PDF of C/D: SU1, X and Y direction, masonry type M4, model B. 
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Figure 15. PDF of C/D: SU4, X and Y direction, masonry type M4, model A. 

 

Figure 16. PDF of C/D: SU4, X and Y direction, masonry type M4, model B. 

 

Figure 17. Simplified and probabilistic failure probability for all cases.  

Filled markers refer to non-lognormal distributions.   
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Figure 17 shows a comparison between the failure probability com-

puted with the simplified and the probabilistic analysis. It is seen that 

correlation is quite satisfactory, even though there are cases that are on 

the non-conservative side. 

 

6.  Conclusions 

 

This work has proposed a simplified approach for seismically as-

sessing existing masonry structures, whose outcome is the failure prob-

ability, which is obtained from a few non-linear deterministic analyses, 

by appropriately varying some basic relevant random variables, such 

as: general data, geometry, materials, and seismic hazard. The method 

requires running only two (or three, if needed) analyses: one with the 

mean values and another one where a selected number of basic variables 

are varied at the same time by one standard deviation according to their 

either unfavorable or favorable contribution to the output variable. The 

obtained result is then corrected through a parameter α, which is cali-

brated from comparison with probabilistic analyses. 

The method has been applied to five Structural Units, representing 

real cases with a sufficiently wide variation of the basic variables val-

ues. Four different masonry types and two types of wall connections 

have been considered and analyses have been run on both principal di-

rections. The results have been compared against those obtained with a 

full probabilistic analysis, with the Monte Carlo method, by including 

all uncertainties affecting the structural response.  

It has been shown that a reasonable value for the coefficient α is be-

tween 1.6 and 2.0. The procedure then foresees to run two or three de-

terministic analyses, obtain an estimate of the standard deviation of the 

output variable and then correct it with the coefficient α. Such corrected 

standard deviation of the output variable is then used to obtain an esti-

mate of the failure probability. Alternatively, one could use the cor-

rected standard deviation to estimate a design value. 

Comparisons to full probabilistic analyses run on the five SUs have 

shown that the method produces promising results, especially if one 

considers the significant advantage that only two or three analyses are 
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run, as opposed to 2n+1 needed in those approaches where all sensitiv-

ities are computed. The conclusions reached are relevant to the 80 cases 

considered, derived from combining the basic variables: SU geometry, 

earthquake direction, masonry type, wall-to-wall connections. Further 

studies are currently under way to extend the validation to other cases 

and arrive at a practical and applicable proposal. 
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Abstract 
  This paper presents first results of a research focused on the effects 

of piles layout and inclination on the nonlinear seismic response of 

bridge piers. In particular, some case studies are analysed highlighting 

some interesting aspects of the research. The analysis methodology, 

based on the substructure approach, is firstly presented. The soil-

foundation system is studied in the frequency domain according to a 

numerical model developed by the authors that allows computing the 

frequency dependent impedances of the soil-foundation system as well 

as the foundation input motion. The inertial interaction analysis of the 

superstructures are performed in the time domain to capture the non-

linear structural behaviour and a suitable lumped parameter model is 

used to approximate the frequency dependent behaviour of the soil-

foundation impedances in the time domain analyses. The procedure is 

applied to some case studies constituted by single bridge piers found-

ed on a soft clayed soil halfspace. Two pile group configurations, 

characterised by vertical and inclined piles are considered, as well as 

piers with different yielding bending moments of the base cross sec-

tions, to simulate systems with different ductility capacity. The linear 

behaviour of the systems is also investigated for comparison. Effects 

of soil-structure interaction are evaluated considering results of fixed 

base piers as benchmark; analyses demonstrate that inclined pile 

foundations may have a significant impact on the superstructure re-

sponse, reducing the pier head displacements and ductility demand. 
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1.  Introduction 
 

Inclined pile foundations are currently not widespread in the tech-

nical practice, despite their capability to resist higher lateral loads than 

vertical ones (with the same diameter and length). This is because 

many modern codes [1, 2] discourage the use of inclined piles in 

seismic areas based on their poor performance in past earthquakes. 

However, post earthquake investigations revealed that in many cases 

failures were due to an improper design [3], which often assumes 

hinges at the piles head. Inclined piles absorb part of the horizontal 

forces axially and are thus less stressed by shear and bending mo-

ments than vertical piles, but the high axial forces may reduce piles 

bending moment capacity and cause problems at the cap connection. 

These aspects should be carefully considered in the designed. 

Above observation, in conjunction with some case histories and 

numerical results revealing that properly designed inclined piles may 

be beneficial for the superstructure [4, 5], have contributed to renovate 

the confidence of practicing engineers in this type of foundation and 

many works have been recently published, focusing on the seismic 

behaviour of inclined piles. Important progresses in this sense are due 

to Sadek and Shahrour [6], Giannakou et al. [7], Padrón et al. [9] and 

Dezi et al. [10] (among the others). 

However, the beneficial or detrimental role of inclined piles on the 

dynamic linear and nonlinear behaviour of the supported structures 

has not yet been sufficiently investigated.  

This paper presents first insights of a research carried out to clarify 

the role of inclined pile foundations on the nonlinear seismic response 

of single bridge piers. The analysis methodology, based on the sub-

structure approach, is firstly presented and then applied to some case 

studies. According to the substructure approach, the soil-foundation 

system is studied separately form the superstructure, taking advantage 

of a numerical model developed by the authors [10] in the frequency 

domain. The model allows computing the frequency dependent im-

pedances of the soil-foundation system as well as the foundation input 

motion, necessary for the subsequent inertial interaction analysis. The 

inertial interaction analysis of the superstructure is performed in the 

time domain to capture the nonlinear structural behaviour; a lumped 
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parameter model with frequency independent parameters is adopted to 

account for the frequency dependent behaviour of the soil-foundation 

impedances in the time domain analyses.  

The procedure is applied to some case studies constituted by single 

bridge piers extracted from a multi-span steel-concrete composite via-

duct. Piers are founded on a soft clayed soil halfspace, in order to am-

plify effects of soil-structure interaction. Two pile group configura-

tions, characterised by vertical and inclined piles are considered, as 

well as piers with different yielding bending moments of the base 

cross sections. The role of the vertical and inclined pile foundations is 

identified considering results of fixed base piers as benchmark. Anal-

yses results are mainly presented in terms of structural displacements, 

chord rotation of pier plastic hinges and piers ductility demand. 

 

2.  Analysis Methodology 

 

  A single bridge pier supported by a deep foundation with generic 

piles inclination and layout is considered. By assuming that the soil 

nonlinear behaviour can be modelled through a linear equivalent ap-

proach, the seismic Soil-Structure Interaction (SSI) problem is studied 

according to the substructure method, by dividing the soil-foundation-

structure system (Figure 1a) into the soil-foundation (Figure 1b) and 

the superstructure sub-systems (Figure 1c) and introducing suitable 

compliant restraints at their interface. Although this approach is clas-

sically applied to linear systems, it may be used to include effects of 

superstructure nonlinearity [11] by maintaining a linear model for the 

soil-foundation system. This assumption is acceptable if the founda-

tion is properly designed so that plasticization of piles is not expected 

and if inertial interaction is supposed to only slightly modify soil 

strains due to the propagation of seismic waves. 

  The analysis of the soil foundation system is performed in the fre-

quency domain; it provides the frequency-dependent soil-foundation 

impedance matrix, which defines the compliant restraint of the super-

structure, and the Foundation Input Motion (FIM), namely the motion 

experienced by the foundation, which differs from the free-field mo-

tion as a consequence of the filtering effect offered by the deep foun-

dation. In addition, piles stress resultants due to the propagation of 
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seismic waves in the soil (kinematic interaction analysis) can be eval-

uated. The inertial interaction analysis of the superstructure on com-

pliant restraint and subjected to the FIM is necessarily carried out in 

the time domain to include the superstructure nonlinearity. For this 

purpose, suitable strategies must be adopted to simulate the frequency-

dependent behaviour of the soil-foundation system. Lumped Parame-

ter Models (LPMs), having impedances that well reproduce those of 

the foundations in a frequency range of interest, are generally used 

[12]. 

 

2.1. Analysis of the soil-foundation system 

 

  The analysis of the soil-foundation system is performed according 

to the numerical finite element model proposed by Dezi et al. [10]. 

The model allows studying the soil-pile interaction problem of deep 

foundations, characterised by generic piles layout and inclinations, 

subjected to the propagation of seismic waves in layered soil deposits. 

Under the assumption of linear behaviour for both soil and piles, the 

dynamic problem is solved in the frequency domain by modelling 

piles with beam finite elements and the soil with independent horizon-

tal infinite layers. 
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Figure 1. (a) Bridge pier founded on a generic deep foundation, (b) soil-foundation 

system model, (c) superstructure system model 
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  The presence of a rigid cap is simulated by introducing a rigid con-

straint with a master node having six degrees of freedom (three dis-

placements and three rotations). In the frequency domain, the discrete 

problem is governed by the following system of complex linear equa-

tions: 
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where Z is the dynamic frequency dependent stiffness matrix of the 

system and d is the vector of nodal displacements, partitioned to high-

light components of the embedded piles (E) and of the rigid cap (F). 

The right-hand side of equation (1) represents the vector of nodal 

forces resulting from the soil-pile and pile-soil-pile interaction; this is 

obtained multiplying the global impedance matrix of the soil Z by the 

soil free-field motions, collected in vector uff, evaluated within the soil 

deposits in correspondence of nodes of the pile mesh. The dynamic 

stiffness matrix of the system Z assumes the form  
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where K and M are the global stiffness and mass matrices of piles, re-

spectively, while  is the circular frequency. For further details, the 

reader may refer to [10]. 

  The complex-valued foundation impedance matrix and the FIM are 

finally obtained by condensing problem (1)  

 

     EFEEFEFF ZZZZ
1

  (3) 

 

     EEEFEFF fZZfd
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  According to the substructure approach, above quantities are neces-

sary to perform the inertial interaction analysis of the superstructure. 
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The model requires the definition of the free-field motions within the 

deposit; these can be derived from specific site response analyses (re-

sults from 1D, 2D or 3D analyses can be processed).  

  Since the paper focuses on the in-plane seismic response of bridge 

piers, impedance matrix (3) assumes the simplified form 
 

   




























ryryx

z

ryxx

0

00
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 (5) 

 

where subscripts x, z and ry are adopted to indicate dynamic stiffness 

components relevant to the horizontal, vertical and rotational degrees 

of freedom of the foundation cap (F), consistently with the reference 

system reported in Figure 1a. Subscript x-ry refers to the roto-

translational coupling term. Furthermore, by considering foundation 

layouts characterised by a symmetry axis, the vertical behaviour is as-

sumed to be uncoupled (provided that F lies on the symmetry axis). 

 

2.2. Superstructure analysis 

 

  The inertial interaction analysis is performed in the time domain to 

capture the nonlinear structural behaviour. For this purpose, LPMs 

constituted by frequency independent parameters [12] are usually 

adopted to approximate the frequency dependent impedance matrix of 

the soil-foundation system. 

   In order to capture the in-plane dynamic behaviour of the soil-

foundation system, the LPM reported in Figure 2 is adopted [13]. In 

particular, the model is characterized by 3 degrees of freedom (2-D 

analysis) and is constituted by 2 node (the hidden node H and the ex-

ternal node F) stiffly connected. The impedance matrix of the selected 

LPM, which depends on 13 parameters, assumes the form 
 

     CMK
~~~~ 2  i  (6) 

 

where K
~

, M
~

and C
~

are the frequency independent stiffness, mass and 

damping matrices of the LPM, respectively, assuming the form 
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Figure 2. Adopted LPM: (a) model for the coupled horizontal translational and ro-

tational behaviour; (b) model for the vertical behaviour 
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  The frequency independent parameters are calibrated with a least 

squares procedure in order to achieve the better approximation of the 

foundation impedance functions in the frequency range of interest (de-

fined on the basis of the earthquake energy content and the fundamen-

tal structural frequencies). 

  The superstructure is modelled according to the finite element ap-

proach exploiting potentials of structural analysis software. The LPM 

is implemented at the base of the superstructure (at the foundation in-

terface) to simulate the soil-foundation system compliance and the 

seismic actions are applied at node F by considering time histories of 

forces computed by means of the inverse Fourier transform 
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3.  Case Studies 
 

  The nonlinear seismic response of single bridge piers, extracted 

from a multi-span continuous steel-concrete composite viaduct, is in-

vestigated (Figure 3a). Pile groups foundations constituted by both 

vertical and inclined piles are taken into account in order to study ef-

fects of the pile inclinations on the nonlinear structural response of 

single bridge piers characterised by different yielding bending mo-

ments. The linear response of the superstructure is also determined for 

the sake of comparison as well as the response of the fixed base sys-

tems that is assumed as benchmark. 

  Piers have a solid square cross section of side B equal to 1.50 m 

and height Hp of 10 m. The translational mass md, relevant to the deck 

and half height of the pier, is about 315 t and is lumped at the pier top. 

The concrete is of grade C35/45 with Young’s modulus 

Ec = 34077x103 kN/m², reduced to 80% to account for cracking ef-

fects. The fundamental period T1 of the Fixed Base (FB) system is 

0.6 s. According to a lumped parameter approach, piers are modelled 

as  rigid body elemente coupled with end rotational linear and nonlin-

ear springs (Figure 3b). This approach allows a simple implementation 

of an elastic perfectly plastic hinge model. For linear analysis, the 

lumped elastic flexural spring is calibrated to reproduce the funda-

mental period of the system, while for nonlinear analyses, two differ-

ent elastic perfectly plastic lumped springs are defined, characterised 

by yielding bending moments My1 and My2. In particular, My1 and My2 

are 1/3 and 2/3, respectively, of the maximum bending moment Mu 

acting on the elastic systems for the design seismic input (Figure 3c). 

  Piers foundation is constituted by a 3x3 group of concrete piles of 

diameter d = 1 m, spacing s = 3d and z-projected length Lz = 20 m 

(Figure 3a). In order to investigate the role of the piles inclination on 

the structural response, two pile group Configurations, C1 and C2, are 

considered as depicted in Figure 3d, characterised by vertical piles and 

20° inclined piles, respectively. It is worth noting that the middle pile 

is vertical for both configurations. 
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Figure 3. (a) Pier elevation; (b) structural scheme for FB and CB models; (c) M- 

constitutive relationship for linear and nonlinear flexural lumped springs and (d) 

foundation configurations C1 and C2 

 

  A homogeneous clayed soil halfspace, representative of very soft 

soil conditions (soil type D of EN1998-1 [14]), is assumed for the ap-

plications. The soil has shear wave velocity Vs = 71.71 m/s, density 

s = 1.56 t/m3 and Poisson’s ratio  = 0.4. Furthermore, a viscoelastic 

model is assumed for the soil considering a damping ratio  = 5%.  

 

3.1. Seismic input 

 

  The seismic input is defined at the ground surface through a set of 

3 artificial accelerograms with a Peak Ground Acceleration (PGA) of 

0.4725g, individually matching the elastic response spectrum for 

ground type D and 5% damping. Figure 4 shows the elastic pseudo 

acceleration and displacement response spectra for the 3 artificial ac-

celerograms, together with the reference spectra for soil type D.  
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Figure 4. (a) Elastic acceleration response spectra and (b) displacements response 

spectra 

 

  Spectral ordinates relevant to period T1 of the FB model are high-

lighted in Figure 4; the maximum displacement of the elastic system is 

0.105 m and the maximum bending moment Mu is 36459 kNm (the 

corresponding maximum chord rotation u is 0.0105 rad). Consequent-

ly, yielding bending moments My1 and My2 of the nonlinear systems 

are 12053 kNm and 24306 kNm, respectively. 

 

4.  Analysis Results 

 

  In this section, results of SSI analyses are reported with reference 

to all the analysis steps. In particular, results of the dynamic soil-

foundation interaction analyses are shown in terms of impedances and 

the suitability of the selected LPM is discussed. Furthermore, results 

of linear and nonlinear inertial interaction analyses of the superstruc-

tures are reported discussing effects of piles inclination on the struc-

tural response. 

 

4.1. Results of analyses on the soil-foundation systems 

   

  The analysis of the soil-foundation system is performed by means 

of the numerical procedure recalled in the previous section. This anal-

ysis aims at finding the FIM and the frequency-dependent foundation 

impedances necessary for the subsequent inertial interaction analysis. 

Piles are modelled by 1 m long finite elements and are supposed to 

have density ρp = 2.5 t/m³ and Young’s modulus Ep = 21000 x 103  
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kN/m² to account for the concrete cracking. The seismic free field mo-

tion within the piles is obtained by means of a signal deconvolution, 

according to a 1D ground response analysis, starting from the artificial 

accelerograms defined at the outcropping soil. 

  The LPM is calibrated in the frequency range 0÷10 Hz using a least 

squares procedure; the translational, rotational and coupled roto-

translational components of the soil-foundation impedance matrix of 

configurations C1 and C2 and the relevant terms approximated by the 

LPM are compared in Figure 5. The LPM revealed able to capture 

very well impedances of C1 (vertical piles) while presented difficul-

ties in approximating the rotational and coupled terms of C2 (inclined 

piles).  
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foundation systems C1 and C2 
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  The significance of this issue will be discussed in the following 

section, comparing the structural response of elastic systems obtained 

from the proposed approach and from a direct analysis method in the 

frequency domain. 

  The calibrated LPMs are implemented in the Compliant Base (CB) 

models of the superstructures. 

 

4.2. Approximation involved with the use of LPM 

 

  In order to evaluate the approximation level involved with the use 

of the LPM in the CB models, results of seismic elastic analyses per-

formed with the proposed approach and a direct method in the fre-

quency domain are compared. In particular, with reference to the 

structural response, relative displacements are presented.   

  Figure 6 shows for one of the artificial accelerograms and both 

soil-foundation configurations (C1 and C2), the time histories of the 

relative displacements Ur of the piers head, evaluated with respect to 

the foundation, and the component of the relative displacement Uel 

relevant to the elastic pier deflection. In details, Ur includes contribu-

tion of the foundation rotation while Uel neglects such effect and pro-

vides a measure of the pier elastic deflection; their difference repre-

sents the contribution of the foundation rigid rotation to the relative 

global displacement. Results relevant to the proposed approach (that 

requires the use of the LPM) are reported in red while results from the 

direct approach (hereafter defined as exact) are plotted in back. For 

configuration C1 (vertical piles), model with LPM slightly underesti-

mate the relative displacement and elastic deformation while for C2 

(inclined piles) the opposite effect is evident. For the generic response 

parameter, the maximum error between the exact solution and the ap-

proximated one is evaluated through the expression 
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 (9) 

 

where exactr  represents the exact structural response parameter while 
LPMr  represents the relevant approximated parameter. 
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Figure 6. Relative displacements of the elastic piers relevant to C1 and C2 obtained 

from the proposed analysis approach and a direct method in the frequency domain  
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  In Figure 7 the maximum mean errors obtained from all the set of 

accelerograms are reported for both configurations C1 and C2 and for 

all the considered response parameters. It can be observed that the use 

of the LPM involves limited errors in terms of relative displacements 

(below 6%); these are largely compensated by the advantage of mak-

ing possible time domain analyses, which are more familiar among 

engineers and commercial software and allow investigating the non-

linear structural behaviour. 
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4.3. Superstructures response 

 

  Figure 8 shows the mean maximum structural response parameters 

obtained from all the set of accelerograms in terms of relative dis-

placement Ur, chord rotation  and ductility demand . In detail, the 

chord rotation  is evaluated disregarding the contribution of the 

foundation rigid rotation and provides an index of the plastic excur-

sion of the plastic hinge at the pier base; on the contrary, the ductility 

demand  is computed accounting for the foundation rigid rotation. 

Results relevant to superstructures characterised by different yielding 

moments are reported in Figure 8.  

  With reference to results of the FB model, relative displacements of 

superstructures on vertical piles (C1) are higher while displacements 

of superstructures on inclined piles (C2) are lower. This is due to the 

contribution of the rotation component of the foundation input motion 

that, in the case of inclined piles, induces inertia forces of opposite 

sign with respect to that produced by horizontal soil movements, as al-

ready observed in [7, 15]. Above consideration holds independently 

on the yielding bending moment of the pier base cross section. It is 

worth noting that, especially for configuration C2, displacements of 

linear and nonlinear systems are very similar, as expected according to 

the equal displacement rule. 

  Similar considerations hold with reference to the mean maximum 

chord rotation that, with reference to results of FB models, increases 

for the CB models on vertical piles (C1) and decreases for the CB 

models on inclined piles (C2). 
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Figure 8. Mean maximum structural response parameters for FB and CB structures 
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Figure 9. Moment-Rotation diagrams of FB and CB structures characterised by dif-

ferent yielding bending moment 

   

  Finally, it can be observed that piers founded on vertical piles un-

dergo an increment of the ductility demand (more pronounced for the 

pier characterised by yielding moment My1) while piers founded on 

inclined piles present a decrement of the ductility demand (pier char-

acterised by yielding moment My2 remain in the elastic field). 

  In Figure 9 the moment-rotation curves of the base cross sections 

of piers, obtained from both the CB and FB models subjected to one 

of the selected accelerograms are reported. Results confirm the trend 

of mean values reported in Figure 8; with reference to the FB model, 

an increase of the plastic hinge rotation demand is observed for piers 

founded on C1, while a reduction is evident for piers on C2. 

 

5.  Conclusion 

 

First results of a research focused on the effects of inclined pile 

foundations on the nonlinear seismic response of single bridge piers 

have been presented. Soil-structure interaction analyses are performed 
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by means of the substructure approach by adopting a simple lumped 

parameter model to account for the frequency depend soil-foundation 

impedances in the time domain inertial interaction analyses of the su-

perstructures. The role of the inclined pile foundations on the structur-

al response is identified comparing results of few case studies, consti-

tuted by bridge piers founded on both vertical and inclined piles. The 

behaviour of the fixed base systems is used as benchmark to evaluate 

effects of soil-structure interaction and piers characterised by different 

yielding bending moments of the base cross sections are considered to 

simulate systems with different ductility capacity. 

The following main results can be drawn: 

 the use of the lumped parameter model, required to perform time 

domain inertial interaction analyses in the framework of the sub-

structure approach, involves limited errors on the evaluation of the 

structural response of the selected case studies. Approximations are 

largely compensated by the advantage of making possible the use 

of commercial structural analysis software. 

 With reference to results of fixed base models, relative displace-

ments of bridge piers founded on vertical piles are higher while 

displacements of piers on inclined piles are lower. For inclined pile 

foundations this is due to the reduction of the inertia forces induced 

by the foundation rotation. Above consideration holds independent-

ly on the yielding bending moment of the pier base cross section. 

 Consistently with displacements, the maximum chord rotation in-

creases for piers on vertical piles and decreases for piers on in-

clined piles, with respect to results of the fixed base models. 

 The ductility demand of piers founded on vertical piles is higher 

than that of fixed base piers. On the contrary, the ductility demand 

of piers founded on inclined piles decreases to such an extent that, 

depending on the yielding bending moment of the pier base cross 

section, the system may remain in the elastic range. 

Despite the presented results are not sufficient to clarify the role of 

inclined piles on the seismic response of bridge piers, they support ev-

idences of their possible beneficial effect and suggest the need of fur-

ther researches. 
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Abstract 
This paper deals with the results of in situ vibration measure-

ments carried out in the new branch of Linea B1 of the Metropoli-

tana di Roma. A Falling Weight Deflectometer (FWD) was used to 

determine the tunnel and soil characteristics and the transfer func-

tion (TF)  between tunnel and surface buildings. A 2D plane strain 

numerical model of a representative section is described and used 

to extrapolate the TF at the lowest frequencies which were not ex-

cited by the experimental tests. 
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1.  Introduction 
 

Underground trains create vibrations that are transmitted through 

the ground to the surface buildings. The amplitude of vibrations de-

pends on several factors, such as vehicle characteristics,  train speed, 

rail and wheel roughness, properties of the tunnel, wave propagation 

through the soil and structural properties. Our aim is to develop a 

numerical model able to predict vibration noise in surface buildings 

from excitation due to underground trains. This possibility is crucial 

especially to identify the type of countermeasures to avoid that an ex-

cessive level of vibrations could reach the surface causing damages 

and discomfort. To develop a reliable numerical model of the soil-

structure interaction, wave propagation experiments between the tun-

nel and the surface buildings are generally carried out by means of a 

vibrodyne. The installation of such an equipment could be, however, 

very industrious and time-consuming. On the contrary, the use of 

Falling Weight Deflectometers (FWD) is, in general, more rapid and 

it doesn't require complicated operations to be set up. Therefore, we 

have investigated the possibility of obtaining a complete characteriza-

tion of the soil transfer function by using a FWD. 
 

2. Description of the experimental apparatus 

 

The experimental campaign was performed in 2011 at the new 

branch of Metropolitana di Roma Linea B1, near the existing station 

of Piazza Bologna. In particular, the tests were made in correspond-

ence of location A depicted in Fig. 1a with one measurement station 

on surface and the other one in the tunnel, vertically aligned with that 

in the surface. The surface station was positioned in the ground floor 

of a four-story brick masonry building 22.5 m high and 12.8 m wide; 

the FWD with the tunnel measurement station were positioned in the 

centre of the tunnel before rails and ballast were lied down. The dis-

tance between the tunnel and surface measurement points was approx-

imately 20 m as shown in Fig. 1b. 

The impact tests were carried out with a FWD produced by Mastrad 

model PRI 2100, whose specifications are given in Table 1 (picture of 

the equipment in Fig. 1). To generate forces comparable to those ap-
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plied by moving trains, the height at which the mass was dropped was 

preventively tuned to transfer to the soil a maximum force of 100 kN. 

 
Figure 1. Position of the measurement station A (a) and corresponding section (b). 

 

Concerning the acquisition of the signal, the low levels of vibration 

expected on the surface have suggested the use of high-sensitivity sen-

sors and acquisition units able to achieve high sampling frequencies. 

The signal-to-noise ratio expected from the measurements is unfa-

vourable due to the presence of vibrating machinery near the meas-

urement stations on surface. For this reason, the pre-existing vibra-

tional level, i.e. the so-called environmental vibrations, were acquired 

prior testing to filter out such a noise. 

The instrumentation used for the measurements meets the standards 

UNI 9614 and UNI 9916 and consisted of accelerometers PCB brand 

mod. 393A03 arranged in uniaxial and triaxial configurations for the 
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measurement of horizontal, vertical and transverse acceleration com-

ponents. 

 
Table 1. Carachteristics of the PRI 2100 FWD 

Physical Dimensions  

Weight (kg) 1180 

LxWxH (m) 4.30x1.84x1.30 

Load characteristics  

Load range (kN) 10-250 

Impulse duration (ms) 20-30 

Load cell parameters  

Accuracy 2% ± 0.2 kN 

Resolution (kN) 0.1 

Loading plate dimensions (mm) 300x450 

 

 

Figure 2. Schematic representation of the position of sensors in the tunnel. 

 

Data acquisition has been carried out by two National Instruments 

boards connected to two laptops (one for each workstation) via USB 

interface. Each module had 4 channels with 24-bit analog-to-digital 

converter. The sampling frequency of the accelerations was chosen 

equal to 2048 Hz which corresponds to a period of T = 0.00048 s; 
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such a sampling frequency allowed the maximum frequency of the 

signal to be 1024 Hz, well above the expected maximum frequency 

induced by the excitation.  

The installation of the measurement stations was made in accordance 

with UNI regulations. The measuring station in the tunnel consisted of 

three accelerometers, two anchored laterally to the tunnel and a verti-

cal accelerometer anchored to the concrete floor in close proximity of 

the mass impact point as schematically depicted in Fig. 2.  

The measurement station on surface consisted of three accelerometers 

anchored to a cabinet containing data servers due to the sensitivity of 

these devices to environmental vibrations; another vertical accelerom-

eter was placed under the floating floor to assess its acceleration am-

plification factor. Where possible the sensors were connected to the 

structure via suitable metallic bases with a two component epoxy glue, 

and were connected to the acquisition systems via multi-core cables. 

The triaxial stations were instead mounted on a special mass bound to 

the ground by means of a wax-based adhesive.  

 

3. Experimental results 

 

For each measurement station each test consisting of dropping the 

mass was repeated six times for a duration of about ninety seconds. 

After those measurements, the vibrational level present on the surface 

and in the gallery (background noise) was acquired for about thirty 

minutes. A sample signal of the surface and underground vertical ac-

celerations is shown in Fig. 3.  

The adopted data processing, as illustrated below, aims to characterize 

the amplitude and the frequency content of the signal produced by the 

falling mass, both in the gallery and the surface. The ratio between the 

spectra of the two signals will be used to estimate the TF between the 

tunnel and the surface. The analysis in the frequency domain con-

cerned the following steps: (i) evaluating the content in frequencies of 

useful recordings; (ii) select the significant frequency ranges; (iii) fil-

ter data appropriately. In addition, the analysis of response spectra has 

allowed the determination of spectral amplitudes and relevant peaks. 

All data processing was carried out using numerical codes written in 

Matlab. 
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Figure 3. Sample vertical accelerations recorded in the tunnel and on surface. The 

six test repetitions are clearly visible in the data. 

 

Before proceeding with the frequency analysis, the different signals 

acquired in the time domain were divided into time slots each contain-

ing the individual test. Figure 4 shows the last of the six repetitions 

from which at least three rebounds that the mass performs before sta-

bilizing stand out clearly. 

Given the technical difficulties that prevented the passage of cables 

from the tunnel to the surface, the signals recorded by the accelerome-

ters underground and on the surface were not synchronized. This lack 

of synchronization made it necessary to manually select the time win-
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dows to identify each event. Moreover, not being able to estimate the 

propagation delay, one could not estimate the actual speed of waves 

and therefore the attenuation coefficient of the terrain/structure. How-

ever, such a coefficient is estimated in the next section by a model up-

dating technique. 

 

Figure 4. Acceleration signals corresponding to one repetition of the test. At least 

four rebounds of the mass can be discerned from the acceleration signals in the  

tunnel. 

To analyse the signals in the frequency domain and achieve a reliable 

estimate of the peak values, the following signal processing steps were 

carried out for each recorded test data set : (i) application of a Butter-

worth band-pass filter with cutoff frequency of 50 Hz corresponding 

to the maximum frequency of interest; (ii) spectral analysis via PSD 

(Power Spectral Density) of the filtered signals; (iii) estimate of the 
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spectral amplitudes. To further limit the influence of noise, the curves 

obtained from the different experiments were used to calculate the av-

erage values and standard deviations. 

The comparison between the spectra of the signals recorded prior test-

ing, characterized by the background noise, and from those recorded 

during the test, allowed us to estimate the effect of the mass impact 

and the actual frequencies excited by this type of test. In this respect, 

Fig. 5 shows both the spectra obtained from the acquisition of the 

background noise, and the spectra obtained during the test.  

It is clearly seen from the graph that the spectral content of the accel-

eration generated by the impact mass has frequencies in the range of 

10-50 Hz. Below 10 Hz the spectrum of the signal recorded during the 

test decays considerably and, in fact, the level of the signal recorded 

on surface is comparable to that obtained from the elaboration of the 

background noise. Such a circumstance suggests that vibrations below 

10 Hz are not sufficiently excited by this type of test. 

In general, the signals recorded on the surface had very unfavourable 

signal-to-noise ratio . Several peaks were also detected in the tunnel 

noise analysis which presumably correspond to the tunnel natural fre-

quencies. Similar peaks were recorded on the surface at frequencies 

20.59 Hz and 25 Hz.  

From the ratio between the power spectral density on surface and in 

the tunnel one can obtain a TF estimate. Indeed, given the zero fre-

quency content of the forcing below 10 Hz, this estimate   can rely on-

ly on  the  frequency range 10-45 Hz. The Power Spectral Density 

(PSD) of the vertical accelerations recorded near the impact point of 

the falling mass and in the basement are shown in Fig. 5 against the 

PSD of the environmental noise present in the structure. It is evident 

from the figure that the frequency content of the excitation produced 

by the FWD is concentrated at frequency higher than 10 Hz. 

Therefore, the resulting TF could be quite jagged and unreliable in the 

lower frequency range. However, for the purpose of simulating the 

train transit, one can obtain an estimate of the TF in the low frequency 

range; this choice is conservative, in the sense that it produces an 

overestimate of the level of vibrations in the surface building.  
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Figure 5. Power Spectral Density (PSD) of the vertical acceleration recorded in the 

tunnel (above) and on the surface (below). 

 

4. Numerical model 

 

In order to simulate the expected level of vibrations on surface pro-

duced by the FWD the 2D model shown in Fig. 6 was developed in 

ADINA. The model consisted of a section of the building and a por-

tion of terrain with size 50 m x 50 m below the ground level. 

In order to model the test section and evaluating response to dynamic 

actions, a plane strain model was built in ADINA. This type of model-

ling results to be adherent to the type of problem to be analysed be-

cause the section in question is indeed a "slice" of a long building and 

hence plane strain, i.e., null deformation out of the plane, can be rea-

sonably assumed in the numerical model. 

To simulate the plane strain state the two-dimensional element called 

"TWODSOLID SUBTYPE = STRAIN" was used. At the edge of the 

plane region considered, a peripheral layer of “infinite” elements was 
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introduced to properly account for the wave propagation phenomena 

within the soil. In particular, the “infinite” element approach allows 

the replacement of an infinite region with a boundary condition that 

avoid reflection of waves at the boundary. 

Figure 6. 2D model of the considered section. 

 

The interface between this region and plane strain elements was mod-

elled with ADINA “interface” elements. 

7 linear elastic materials were used to describe the different structural 

components in the reference section of Fig. 6, indicated in the figure 

with different colours. The dynamic analysis was performed directly 

by introducing the time-histories of the force recorded by the load cell 

of the FWD; an implicit solver in the time domain was used. 

The entire model consisted of 15268 nodes 

 Element group 1: 1123 plane strain solid elements 

 Element group 2: 2253 plane strain solid elements 

 Element group 3: 6064 plane strain solid elements 

 Element group 4: 1030 plane strain solid elements 
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 Element group 5: 192 plane strain solid elements 

 Element group 7: 300 plane strain solid  

 Element group 8: 3200 planar potential-based fluid elements, 660 

interface elements 

The particular size of the model as well as the maximum element size 

was chosen by running a sensitivity analysis of the response by chang-

ing these parameters; the maximum element size was 50 cm x 50 cm. 

The proposed solution is a reasonable compromise between the accu-

racy of the wave propagation and the analysis computational burden. 

The Young’s modulus and the Poisson’s ratio of the different soil lay-

ers were deduced from a pre-existing experimental campaign and are 

reported in Tab. 2.  
 

Table 2. Material parameters for the three different soil layers 

 (l – landfill, p –pyroclastics, t – travertine sands) 

Landfill  

E1

 

60 MPa 

Ν1

 

0.3 

Ρ1

 

1.7 t/m3

 

Pyroclastics  

EP

 

300 MPa 

ΝP

 

0.3 

ΡP

 

1.8 t/m3

 

Travertine sands  

ET

 

250 MPa 

ΝT

 

0.3 

ΡT

 

1.8 t/m3
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Figure 7. Comparison between the spectra of the acceleration of the FEM model 

(8%) and those measured experimentally in the 10-50 Hz band. 

 

The damping coefficient was indeed evaluated by running a paramet-

ric study aimed at identifying those values providing the best fit be-

tween numerical and experimental response.  

The proportional damping of Rayleigh type was used in ADINA. In 

Fig. 7 the comparison between the experimental and numerical power 

spectral density is shown. As expected, while the damping contribu-

tion can be clearly observed in the surface spectra, it becomes negligi-

ble in the gallery spectra. The comparison between these results and 

the experimental data collected during the test campaign shows that an 

8 \% damping allows a close correspondence between the tunnel and 

surface spectra: in the entire range of frequencies considered (10-50 

Hz), the qualitative shape of the spectrum is substantially reproduced 
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with a numerical acceleration slightly higher than the experimental 

one. 

 

5. Conclusions 

 

In this paper the results of an experimental/numerical campaign to 

characterise the soil-structure interaction by means of underground 

FWD measurements have been presented. 

The FWD was positioned in the underground tunnel at an approximate 

distance of 20 m from the surface measurement station; accelerations 

were recorded both in the tunnel, in close proximity of the impact 

point of the mass, and on surface, inside the building under monitor-

ing. The TF between the tunnel and the surface was obtained by the 

ratio between the power spectral density of the recorded accelerations 

and has shown that this type of test does not excite frequencies below 

10 Hz. To overcome this limit of the experimental setup, a numerical 

model was developed in ADINA and the constitutive parameters of 

the soil were updated to match the experimental results in the range 

10-50 Hz. The TF was then extrapolated in range 0-10 Hz to obtain a 

TF in the entire range of interest 0-50 Hz. The results have shown that 

the developed model can be used to describe accurately the effects of 

underground moving trains. 
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Abstract 
Seismic events, even the most recent, have demonstrated how 

building damages and failures are strongly conditioned by the vibra-

tional characteristics of the underlying soil.  In fact, buildings con-

structed with similar structural typologies that are situated on different 

soil stratigrafies have had very different behaviours, which are often 

not perfectly predictable. In fact, although the masonry buildings can 

apparently be thought of as all belonging to the same category of 

structural behaviour, in reality their response as a result of the action 

transmitted by the soil is strongly influenced by the internal constraint 

schema that exists between the macroelements, in other words, de-

pending on the level of constraint that exists between a wall and a wall 

and between a wall and a slab. Variation in the structural schema also 

changes the influence that various soil typology has in terms of stress 

on the structure. Therefore, some brittle mechanisms of collapse of 

masonry buildings, related to various existing constraint configura-

tions, become more dangerous and are further influenced by the effect 

of the various soil typologies of the foundation. The creation or the re-

furbishment of the missing constraints in masonry buildings therefore 

represents a fundamental step in the improvement of their structural 

behaviour, allowing the activation of ductile mechanisms that are 

highly dissipative. The CAM System represents a valid solution to the 

identified problems.   

Keywords: existing buildings, structural reinforcement, masonry, 
seismic improvement, kinematic mechanisms of collapse and soil in-
teraction, CAM® System 
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1. Introduzione 

 

Le strutture murarie, a differenza di quelle in cemento armato, pre-

sentano molto spesso più che un comportamento di insieme, un insie-

me di comportamenti locali che non concorrono ad un assorbimento 

efficiente dell’energia trasmessa dal sisma. Questo è dovuto alla diffu-

sa mancanza di scatolarità di comportamento per via di carenze di 

connessione tra i singoli corpi murari e tra questi e gli orizzontamenti.  

Consideriamo il manufatto come un insieme di elementi non connessi: 

il comportamento vibrazionale dei singoli elementi (maschi murari) di 

cui si compone il manufatto presenta frequenze di vibrazione molto al-

te (una parete nel comportamento fuori piano possiede periodi di vi-

brazione dell’ordine dei 0.02-0.1sec) che assorbono componenti in 

ampiezza del sisma elevate, che normalmente si trovano nel primo 

tratto dello spettro di progetto per T<TB.  

Oltre a questo, la sollecitazione derivante per effetto dello schema di 

vincolo, specialmente per pareti poco o affatto ammorsate è ulterior-

mente gravosa (funzionamento a mensola piuttosto che appoggiata-

appoggiata con momento sollecitante almeno 4 volte superiore) perché 

abbinato anche ad una bassa resistenza flessionale.  

 

Msd =  S(T) * W * H / 2 Msd =  S(T) * W * H / 8  
Figure 1. - Ribaltamento fuori piano di singoli maschi murari per incastro alla base 

o doppiamente appoggiato 
 
Questo produce facilmente l’attivazione di tale meccanismo piuttosto 

che quello globale in cui invece si attivano periodi di vibrazione più 

elevati (generalmente sul plateau dello spettro) con corrispondente 

sollecitazione sismica maggiore ma anche a maggiore capacità resi-

stente (la resistenza di una parete nel piano è generalmente 6-8 volte 

superiore a quella fuori piano). 
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Inoltre il collasso fuori dal piano delle pareti è assimilabile ad un 

comportamento fragile per perdita di equilibrio con conseguente inne-

sco di ulteriori comportamenti fragili ad effetto domino (collasso 

dell’eventuale solaio portato o di porzioni di parete ad esso adiacenti, 

ecc). 

Uno stesso fabbricato, con le carenze di comportamento appena de-

scritte, realizzato su un terreno rigido (Tipo A) o su terreni sempre 

meno rigidi (in sequenza B, C, E, D) verrà sollecitato da azioni sismi-

che con ampiezza percentualmente maggiore producendo i collassi 

fuori dal piano più gravosi (perdita di equilibrio, collassi fragili, effet-

to domino), figura 2. 

 
Figure 2 - Spettro elastico (NTC 2008) per differenti categorie di sottosuolo. 

 

Pertanto nello studio del comportamento sismico di un fabbricato va 

prestata molta attenzione ad una corretta caratterizzazione dei terreni 

di fondazione. Al variare infatti della tipologia dei terreni può essere 

ancora più gravosa l’interazione che il suo comportamento ha nei con-

fronti dell’attivazione precoce dei meccanismi più pericolosi ovvero 

quelli fragili (dislocazione, disconnessione tra maschi murari, discon-

nessione e perdita di equilibrio dei solai). 

Nella figura 3 si riportano i valori normalizzati di azione spettrale e di 

massimo momento sollecitante per una parete diversamente connessa 

alle estremità (semplicemente incastrata al piede, appoggiata in testa e 

al piede o doppiamente incastrata). 

Le accelerazioni spettrali diminuiscono con la modifica del vincolo 

sulla parete, ma si evidenzia come una tipologia di terreno rispetto ad 

un'altra possa comunque far aumentare l’azione sismica perdendo il 
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vantaggio che si ottiene dal miglior schema di vincolo (evidente spe-

cialmente nel confronto tra schemi doppiamente appoggiati ed inca-

strati). 

 
Figure 3 - Accelerazioni sismiche fuori piano e corrispondenti sollecitazioni fles-

sionali, normalizzate, su singoli pannelli murari in funzione dello schema di vincolo 

e della tipologia di terreno 
 
E’ qui che va posta molta attenzione alla caratterizzazione del suolo, 

passare da un terreno tipo A ad un terreno tipo C o D (secondo la clas-

sificazione delle NTC2008) mediamente raddoppia l’accelerazione 

fuori piano.  

Lo schema di vincolo modifica l’azione sollecitante e questo fa ancor 

meglio notare come quello a mensola sia fortemente sfavorevole per la 

parete che si trova ad assorbire un momento sollecitante ribaltante 

fuori piano quasi 3 volte maggiore degli schemi a maggior grado di 

vincolo. 

Solo intervenendo scongiurando i fenomeni appena descritti, attraver-

so una serie di rinforzi localizzati, il fabbricato può essere caratterizza-

to sismicamente dal suo comportamento globale, dove i solai consen-

tono una corretta ripartizione delle masse (quindi azioni) di piano tra i 
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maschi murari e questi collaborano (tutti) nell’assorbire le azioni si-

smiche. 

Viene da se dunque che migliorare sismicamente un fabbricato mura-

rio ha come principale obiettivo quello di portare il suo comportamen-

to sismico ad un funzionamento quanto più “a scatola” spostando il 

comportamento resistente da “seriale” e fragile (collasso per singoli 

elementi in successione) ad uno con comportamento “in parallelo” e 

duttile. 

Ovviamente quest’ultimo funzionamento (pareti in parallelo) si rag-

giunge non solo attraverso il ripristino dei vincoli, ma attraverso un ul-

teriore fase di intervento, capace di incrementare la duttilità nel piano, 

cioè aumentare la capacità di mantenere una certa resistenza post-

fessurazione con spostamenti di interpiano (drift) elevati. Il funziona-

mento ‘in parallelo’ appunto consente l’attivazione della resistenza del 

numero massimo di elementi, aumentando la capacità massima del 

fabbricato sia in termini di resistenza alle azioni ma anche in termini 

di dissipazione dell’energia sismica. 

 

2. Strutture murarie e meccanismi fragili: il vero problema 

 

Nei manufatti in muratura il meccanismo fragile è determinato 

dall’attivazione di un meccanismo resistente “in serie” piuttosto che 

“in parallelo” in cui gli elementi (microelementi i lapidei, macroele-

menti le singole pareti e i solai) collassano singolarmente. 

Un manufatto ben legato, il cui il comportamento è “scatolare”, per-

mette l’attivazione dei meccanismi resistenti più energivori (resistenza 

nel piano di tutti i pannelli). 

L’attivazione dei meccanismi duttili nei manufatti in muratura quindi 

passa dal ripristino della continuità strutturale e dei vincoli assenti o 

non efficaci. 

La problematica della continuità strutturale sugli edifici in muratura 

non solo si evidenzia tra macroelementi ma arriva fino alla costituzio-

ne del singolo elemento o maschio murario. La disgregazione della 

parete muraria per effetto della dislocazione degli elementi lapidei è 

una mancanza di continuità che si osserva a livello locale (di tessitura) 

mentre il collasso per ribaltamento di singole porzioni o pareti è as-
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senza di continuità tra macroelementi (tra pareti o tra pareti e orizzon-

tamenti). 

E come già evidenziato questi fenomeni possono essere fortemente 

amplificati dalla tipologia di sottosuolo che per sue caratteristiche “ri-

suona” su frequenze e con ampiezze differenti rispetto alla sollecita-

zione sismica al bedrock e che comportano proprio un aumento delle 

azioni sulle frequenze che eccitano tali meccanismi dinamici di collas-

so. 

Tutto quanto finora descritto ci porta a parlare di una tecnica di rinfor-

zo, il Sistema CAM, che ha caratteristiche tali da poter essere favore-

volmente utilizzato per ottenere il comportamento appena descritto. 

 

3. Il Sistema CAM 

 

La necessità di ricompattare la massa muraria, spesso caratterizzata 

da tessitura disordinata o a doppio paramento, con scarse o nulle con-

nessioni trasversali, suggerisce l’idea di utilizzare un ideale sistema 

diffuso e tridimensionale di cuciture, capace di “impacchettare” la mu-

ratura, fornendo, eventualmente, anche un benefico stato di precom-

pressione triassiale.  

Il concetto di “impacchettamento” prende spunto dall’idea ispiratrice 

alla base dell’ideazione del metodo, frutto dell’osservazione delle 

buone capacità portanti che hanno i “gabbioni”, comunemente usati 

per realizzare pareti di contenimento. La combinazione vincente risie-

de nella specializzazione delle funzioni: alla pietra in compito di tra-

sferire gli sforzi di compressione, all’acciaio quello di mantenere in 

posizione gli inerti attraverso il contenimento, per trazione, della rete. 

La possibilità di immaginare uno stato di pretensione nella ‘rete’ fa 

presupporre una maggiore efficacia nella stabilizzazione degli elemen-

ti lapidei, con conseguente incremento della capacità portante del si-

stema. 

L’insieme di cuciture realizzate attraverso l’impiego del nastro forma-

no un reticolo tridimensionale che consente di ottenere una condizione 

finale di coazione triassiale (fig. 4), in grado di conferire maggior resi-

stenza a compressione al volume murario per effetto del confinamento 

indotto e costituendo armatura diffusa (capacità portante a trazione) 

senza incremento di massa. 
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Figure 4 -  Il reticolo tridimensionale del Sistema CAM 

 

3.1 I principi di base 

 

Il Sistema CAM (Cucitura Attiva dei Manufatti) si basa sulla rea-

lizzazione di anelli realizzati attraverso l’impiego strutturale di un na-

stro in acciaio inossidabile ad alte prestazioni di dimensioni 19x0.90 

mm che singolarmente cerchia delle porzioni limitate di struttura. 

Ciascun anello è chiuso su se stesso attraverso l’impiego di un sigillo 

e di un’apposita macchina in grado di imprimere al nastro una preten-

sione all’atto del crimpaggio (chiusura per via meccanica). 

Nei componenti travi e pilastri tali anelli sono posti a cerchiare la se-

zione in posizione trasversale rispetto all’asse longitudinale 

dell’elemento, nelle pareti in muratura l’anello attraversa lo spessore 

murario e ripetendosi in posizione orizzontale e verticale forma un re-

ticolo tridimensionale. 

I componenti impiegati sono molto semplici: 
- Il nastro metallico utilizzato per realizzare ogni singola maglia; 
- L’elemento metallico di chiusura della maglia (sigillo) 
- Il piatto metallico imbutito da posizionare in corrispondenza delle 
forature per accompagnare il nastro nella curva 
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- L’angolare metallico con stesso ruolo della piastra imbutita da porre 
in corrispondenza degli spigoli. 

            

 
 

Figure 5 -  Schema statico elementare di riferimento 

 
3.2 I materiali  
 

Tutti i componenti sono in acciaio inossidabile, ciò a garantire la 

massima durabilità dell’intervento e la compatibilità con qualsiasi ti-

pologia di intonaco. 

Tutti i materiali sono marcati CE. Nella tabella 1 sono riepilogati i 

materiali impiegati per ogni componente 
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Figure 6 - I componenti del Sistema: nastro, sigillo, angolare, piastra imbutita. 

 

Table 1. Materiali impiegati sulla muratura 

COMPO-

NENTE 

DIMENSIO-

NE 

(mm) 

NORMATIVA SIGLA ftk  

(MPa) 

fyk  

(MPa) 

A80 

(%) 

Nastro 19x0.90  UNI EN 10088-4 1.4318 ≥ 650 ≥ 350 35 

Piatto imbuti-

to 
125x125x4  UNI EN 10088-4 

1.4301 - 

1.4307 
≥ 520 ≥ 220 45 

Angolare ri-

partitore 
125x62.5x4  UNI EN 10088-4 

1.4301 - 

1.4307 
≥ 520 ≥ 220 45 

Sigillo 45x55x1 (0.90)  UNI EN 10088-4 
1.4301 - 

1.4307 
≥ 520 ≥ 220 45 

 

Per effetto dell’intaglio la sezione resistente del nastro è ridotta, per-

tanto non possono essere usati i valori nominali di resistenza del na-

stro, ma vanno calcolati i parametri resistenti di calcolo del nastro 

giuntato. 

  

3.3 Il funzionamento del Sistema CAM® 

 

La compattazione della parete muraria così come la possibilità di 

realizzare una cucitura diffusa tra gli elementi, rende il Sistema CAM 
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estremamente valido per il ripristino dei vincoli spesso assenti nei ma-

nufatti in muratura. 

 

    

 
Figure 7 - Esempi di flessibilità distributiva del Sistema CAM. 

 

La flessibilità e la semplicità del Sistema permette di superare age-

volmente ostacoli legati alla presenza di orizzontamenti (le legature 

verticali attraversano i solai, le volte e le scale) o legati a geometrie 
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particolari delle pareti (sezioni variabili e riseghe oggetto di rimaneg-

giamenti in fasi successive) ovvero la conservazione degli elementi di 

pregio architettonico (passaggio diagonale delle legature in prossimità 

dei portali o dei fregi) rendendo di fatto il rinforzo continuo per tutta 

la struttura. 

 

3.3.1 Ricompattazione dell’apparato murario 

 

 
Figure 8 -  La rottura per disgregazione dell’apparecchio murario. 
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Il primo meccanismo di collasso che va evitato negli edifici in mu-

ratura è la rottura per dislocazione dei singoli elementi lapidei.  

Se la muratura si comporta solo come un insieme di elementi sempli-

cemente appoggiati o scarsamente legati tra di loro, non è lecito con-

siderarla come un materiale omogeneo, pertanto qualsiasi considera-

zione strutturale viene meno al venir meno di tale ipotesi. 

Attraverso l’applicazione di una maglia CAM diffusa sulla parete si 

realizza, attraverso il sistema di nastri che attraversano lo spessore del-

la parete, un diatono meccanico di collegamento che ha non solo la 

capacità di assorbire la spinta derivante dal nucleo ma, per effetto del-

la pretensione imposta ai nastri, rappresenta una risorsa immediata-

mente fruibile, prima dell’attivazione del meccanismo di spanciamen-

to. 
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Figure 9 -  L’effetto del diatono CAM e una applicazione su muratura di  

caratteristiche scadenti. 
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Laddove la muratura abbia caratteristiche particolarmente scadenti e 

quindi ad esempio si abbia la presenza di elementi lapidei tondeggianti 

e di piccola pezzatura si consiglia l’applicazione al di sotto del retico-

lo CAM di una rete porta-intonaco. 

 

3.3.2 Vincoli tra pareti ed orizzontamenti 

 

 
Figure 10 -  Realizzazione del cordolo CAM. 

 

Il solaio è un elemento che assume enorme importanza nel funzio-

namento sismico delle strutture svolgendo un’efficace funzione di ri-

partizione delle azioni orizzontali tra gli elementi verticali. 

Un solaio ben ammorsato lungo il profilo e rigido nel suo piano, una 

copertura non spingente ben ammorsata e rigida nella sua proiezione 

orizzontale, un cordolo ben ammorsato e con un comportamento a te-



M. Leonori, A. Vari 

 
488 

laio sufficientemente rigido, tutti e tre il più leggeri possibile, realiz-

zano quel grado di vincolo in più, capace di ridurre la deformabilità 

della struttura e di conferire un comportamento significativamente mi-

gliore nei confronti delle azioni globali che possono investirla.  

Laddove tali elementi non siano presenti sarà fondamentale ripristina-

re i vincoli assenti. 

  

 
Figure 11 -  L’arpionatura dei travetti del solaio all’intradosso e all’estradosso. 

 

La realizzazione del cordolo tramite il Sistema CAM permette il cor-

retto funzionamento delle pareti che cucite insieme assorbono l’azione 

orizzontale trasmessa dal solaio. Inoltre il sistema di legature permette 

la compattazione della porzione sommitale della muratura che è sog-

getta allo scarico del solaio.  
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Attraverso la disposizione di anelli in posizione orizzontale, verticale 

e diagonale si realizza una trave cordolo in muratura armata con il 

vantaggio di evitare pericolosi scassi nello spessore della parete. 

Il vincolo atto ad evitare lo sfilamento del solaio, di piano o di coper-

tura, dalla propria sede viene realizzato attraverso delle arpionature 

diffuse su ciascun travetto (all’intradosso o all’estradosso). Attraverso 

l’apposizione di un piolo in corrispondenza dell’elemento portante del 

solaio e forature nello spessore della muratura, si realizzano anelli di 

forma pentagonale in pianta che possono essere costituiti da più nastri 

in sovrapposizione. 



 
Figure 12 - L’arpionatura dei travetti del solaio: disposizione in pianta. 

 

Calcolato dunque il Wsismico del solaio, ripartito per area di influenza 

sulla singola trave, e applicando l'accelerazione sismica di progetto 

Sd(ag,T), si ottiene la massima azione di trazione/compressione oriz-

zontale agente su ogni singola trave che deve essere assorbita dal si-

stema di legature. 

 
Tale arpionatura, ancor meglio quando il solaio può essere considerato 

sufficientemente rigido nel proprio piano, produce quella variazione 

dello schema di vincolo sulle pareti, specialmente quelle non caricate 

direttamente dal solaio (quindi scariche) variandolo da uno schema a 

mensola incastrata alla base ad una trave appoggiata-appoggiata o an-

cor meglio doppiamente incastrata; questo poiché lo stesso Sistema 

CAM permette di migliorare considerevolmente la resistenza per fles-

sione fuori dal piano sia nelle zone di “appoggio” sia lungo la parete. 
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3.3.3 Incatenamenti ed ammorsature tra pareti ortogonali 

 

  

 
Fig. 13 -  Ammorsature efficaci anche in presenza di cantonali in pietra a vista. 
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Vantaggio implicito dell’applicazione del Sistema in corrisponden-

za degli incroci murari è legato alla realizzazione di ammorsature dif-

fuse con capacità di efficace collegamento tra pareti ortogonali che so-

lo in edifici ‘ben costruiti’ risultano già ben connesse.   

Tale aspetto ha primaria importanza per realizzare il comportamento 

scatolare dell’edificio passando dai meccanismi locali di collasso di 

semplice ribaltamento a quelli a più alta energia di attivazione. 

Abbinato all’intervento di connessione con i solai, l’ammorsatura con 

le pareti ortogonali permette di modificare i vincoli delle singole pare-

ti anche per flessione orizzontale modificando il suo funzionamento 

fuori piano da semplice trave a piastra (bidimensionale).  

Questo si traduce, tornando al fenomeno introdotto all’inizio del pre-

sente articolo, ad un ulteriore aumento della rigidezza, diminuzione 

della accelerazione sismica per vibrazione locale, e una diminuzione 

della sollecitazione flessionale che si ripartisce convenientemente nel-

le due direzioni resistenti. 

Vale la pena tra l’altro ricordare che il passaggio ad uno schema molto 

più rigido, nella valutazione degli effetti locai fuori piano, si traduce 

anche in una certa invarianza con la tipologia di sottosuolo delle stesse 

sollecitazioni sismiche (fig.3). 

 

3.3.4 Realizzazione di armatura diffusa 

 

La realizzazione di una cucitura diffusa rende il manufatto in mura-

tura una struttura tridimensionale, capace di assorbire le azioni esterne 

e poterle distribuire efficacemente sugli elementi resistenti. 

La maglia costituisce a tutti gli effetti una armatura diffusa sulla pare-

te, conferendo resistenza a trazione e meccanismi di rottura più duttili. 

Nella fig.14 si riporta lo schema grafico di riferimento relativo al flus-

so delle tensioni derivanti dall’applicazione della maglia CAM secon-

do una foratura a quinconce. 

Il primo effetto si ha relativo alla compattazione muraria per effetto 

del confinamento, il cui contributo si stima impiegando le formule in 

normativa [15] da cui si ricava l’incremento in termini di resistenza a 

compressione e deformazione ultima per la muratura. 

I ricorsi verticali di nastro, se efficacemente ancorati a livello di cor-

dolo superiore e inferiore sono armatura flessionale per il pannello. 
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Il loro contributo si stima analogamente alla muratura armata [13], 

considerando la sola armatura tesa in posizione discreta. 

 

 

Figura 14 -  Schema grafico di riferimento – foratura a quinconce 





mu

md
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mcumc2

mcdf

 
Fig. 15 - modello costitutivo della muratura confinata 

 

Le formulazioni legano l’entità dell’azione trasversale fornita dal rin-

forzo all’incremento ottenuto per effetto Poisson sul carico verticale 

massimo raggiungibile. 
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Figure 16 - Schematizzazione della sezione rinforzata. 

 

Anche i ricorsi orizzontali di nastro sono fondamentali nel meccani-

smo resistente, in quanto un efficacie confinamento della sezione 

permette di sfruttare al massimo la capacità rotazionale della sezione 

in muratura. 

In fig. 17 si nota come un efficacie confinamento permetta incrementi 

notevoli in termini di momenti resistenti in particolare per sollecita-

zioni assiali notevoli (porzione in blu), mentre l’effetto dell’armatura 

aggiuntiva è massimo per basse sollecitazioni assiali (porzione in ros-

so). 

Nel caso in cui il pannello sia carente dal punto di vista della solleci-

tazione tagliante, il rinforzo CAM si specializza realizzando maglie in 

cui il passo tra le legature disposte in orizzontale è minore. 

Assumendo valida la formula additiva riportata in normativa (7.8.3.2.2 

delle NTC), il contributo dell’armatura aggiuntiva disposta, si stima 

secondo la (3.3) nel caso di crisi per taglio scorrimento e secondo la 

(3.4) per valutare la crisi nei confronti della fessurazione diagonale: 
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Figure 17 - Dominio di resistenza N-M di un pannello rinforzato e particolare di 

applicazione. 
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I ricorsi verticali di nastro risultano in questa configurazione necessari 

per ostacolare il movimento lungo la superficie di rottura ed inoltre 

per riequilibrare le forze e permettere il funzionamento a traliccio 

dell’elemento rinforzato. 

Il drift ultimo del pannello ‘armato’ con i nastri CAM può essere in-

crementato del fattore 1.5 (7.8.2.2.1 delle NTC). 

Assumendo le indicazioni riportate per gli edifici esistenti (C8.7.1.4 

della Circolare) il valore limite per azioni nel piano flessionale è di 0.6 

% l’altezza del pannello, quindi si consiglia di limitare lo spostamento 

ultimo del pannello rinforzato a pressoflessione con Sistema CAM al 

valore 0.6·1.5=0.9% dell’altezza pannello. 

Il drift ultimo a taglio del pannello passa invece dallo 0.4% 

dell’altezza pannello (C8.7.1.4 della Circolare) allo 0.6% (7.8.3.2.2 

delle NTC). 

 

4. Conclusioni 
 

In the present text a very important phenomenon has been ana-

lysed, to some extent not yet well-known, related to the behaviour of 

masonry structures.   

It is a common fact that there is a certain lack of attention despite the 

fact that the collapse of a masonry structure resulting from the out-of-

plane mechanism is the most dangerous, as evidenced by all recent 

seismic events.   

The premature activation of the masonry out-of-plane failure leads to 

the crumbling of the building; for this reason it is not possible to draw 

on the in-plane strength of the masonry, therefore on the effective 

structural capacity. 

Studying the possible scenarios of the local failure/collapse means 

knowing how it functions and the causes that can provoke it in order 
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to avoid the premature collapse, achieving the development of the full 

strength capacity of the building. 

Among the causes that can provoke the local failure/collapse is the 

dynamic behaviour of the soil of the foundation on which the building 

is constructed.    

It is noted that the soil has a significant influence upon the seismic ac-

tion acting on a given site, but it is less evident how variations from 

one soil typology to another cause increments of seismic stress that 

are far more significant with regard to the out-of-plane action and ca-

pacity than to the in-plane action and capacity.   

The understanding of and familiarity with such phenomenon together 

with the knowledge of the global-seismic behaviour of the masonry 

building has permitted the development of a reinforcement technique, 

the CAM System, that in some regards directly (the intent of the in-

vention) and in other regards indirectly (“discovery” by the experience 

obtained in the applications and constant experimentation), effectively 

provides a solution to the exhibited problems.   

In particular, such a system permits the resolution of practically all of 

the problems related to the local failure mechanism (dislocation of the 

wall panels, out-of-plane failures/collapses, sliding of the floor slabs, 

correct distribution of the storey shear between the load bearing 

walls), and in addition, allows a considerable increase in the ductile 

capacity and of the shear and bending strengths of the individual ma-

sonry wall panels. The CAM System stitches, connects, compacts, and 

reinforces, and at the same time increases the displacement capacity of 

the structure, thus increasing the strength and the dissipative capacity 

of the structure.   

All of this contributes to the main objective of obtaining a good  

structural reinforcement, or in in other words, of a “box” behaviour. 
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